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Abstract
Improving seismic resilience of buildings is one of the current challenges in
structural engineering. In the context of steel structures, design of conventional
systems in accordance to current codes aims at preventing collapse and ensuring
life safety under the design earthquake. However, in major seismic events, these
systems have experienced extensive damage in the main structural members and
large residual drifts, causing downtime and significant socio-economic losses.
This thesis presents the development and validation of an innovative dual
steel frame that reduces structural damage and residual drifts for enhanced
seismic performance. The proposed system consists of a moment-resisting frame
with concentric braces equipped with seismic dampers. These are stainless steel
pins with high post-yield stiffness, placed in series with the bracing members.
Replaceable elements are inserted in the beams to absorb plastic deformations
that would concentrate in the beam-column connections.
The seismic performance of the proposed dual frame is evaluated using
experimentally-validated finite element models of a prototype steel building.
The numerical results show that, under the design and maximum earthquakes,
residual storey drifts are minimised due to the high post-yield stiffness of the
seismic dampers and the elastic deformation capacity of the moment frame.
Structural damage is concentrated in the replaceable seismic devices, indicating
the potential for a quick recovery after a strong earthquake.
The collapse potential of the proposed frame is also investigated. The
fracture capacity of the seismic dampers is experimentally evaluated using two
full-scale geometries in a configuration reproducing the damper-brace
connection. Criteria for predicting ductile fracture under ultra-low cycle fatigue
are calibrated using coupon specimens and complementary finite element
analyses, and validated performing explicit simulations of the full-scale tests.
The collapse of the dual frame is studied by means of incremental dynamic
analyses explicitly simulating the ductile fracture of the seismic dampers. The
results show that the dual frame has a superior seismic resistance against
collapse as a result of the large energy dissipation and fracture capacities of the
seismic dampers.
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Chapter 1
Introduction
1.1 Research background
Current seismic design provisions focus on preventing building collapse under
the design earthquake. This is achieved by introducing energy-dissipation
mechanisms that ensure a ductile response of the structure. In conventional steel
structures, such as moment-resisting frames (MRFs) and braced frames, specific
structural elements are designed to dissipate the hysteretic energy while
undergoing large inelastic deformations. This ductile behaviour ensures the
paramount objective of life safety, but results in structural damage and
permanent deformations that can translate into high repair costs and disruption
to building use. For instance, MRFs have a highly ductile behaviour, but the
formation of plastic hinges in the beams can cause extensive damage and
residual drifts. Braced frames are generally employed to reduce storey drifts due
to their high initial stiffness. However, conventional concentrically-braced
frames (CBFs) have a degrading hysteretic behaviour that may result in damage
concentration in certain stories, fracture and increased collapse potential.
Buckling-restrained braced frames (BRBFs) and eccentrically-braced frames
(EBFs) represent an improved class of braced frames that provide a highly
ductile response, nonetheless they are prone to large residual drifts and
structural damage when subjected to the design-basis earthquake.
Recent earthquakes have shown that economic losses due to extensive
damage and residual storey drifts can be substantial, leading to costly repairs,
downtime or even the building demolition. While a trade-off between the need
for repairs and the rarity of a major earthquake is accepted in current seismic
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design provisions, modern society demands for seismic resilient buildings that
minimise the socio-economic losses due to structural damage and large residual
drifts, and ensure a swift recovery after a major earthquake.
1.2 Research aim and objectives
This thesis aims to develop and validate a novel steel frame for improved
seismic resilience. The proposed system is a moment-resisting frame equipped
with concentric braces, denoted as dual CBF-MRF. Energy-dissipating stainless
steel pins (SSPs) with high post-yield stiffness are placed in series with the
concentric braces, and structural fuses are located in the beams where plastic
hinges are expected to develop. The dual CBF-MRF is designed for: (a) residual
drift reduction, by combining the elastic stiffness of the MRF with the high
post-yield stiffness of the SSPs; and (b) damage mitigation in main structural
members, by using replaceable energy-dissipating devices, i.e., the SSPs and
beam fuses.
The objectives of this thesis are:
• To design a prototype building using the dual CBF-MRF as seismic-resistant
system, following a performance-based design procedure and according to
Eurocodes 3 and 8 (EC3 2003, EC8 2004).
• To numerically evaluate the seismic performance of the dual CBF-MRF, and
to provide a comparison with a similar dual frame equipped with buckling
restrained braces (BRBs).
• To experimentally evaluate the hysteretic response and fracture capacity of
the SSPs used in the CBF-MRF.
• To numerically predict and simulate the fracture capacity of SSPs under
cyclic loading using different fracture models.
• To assess the seismic collapse performance of the dual CBF-MRF in
accordance with U.S. Federal Emergency Management Agency P695
guidelines (FEMA P695 2008).
2
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1.3 Thesis outline
This thesis is divided into eight chapters, including this introduction, and four
appendices.
Chapter 2 reviews the current seismic design strategies for steel buildings.
First, conventional seismic-resistant steel frames are reviewed by examining their
performance in terms of seismic resilience. Then, the latest design approaches for
improving seismic resilience of steel structures are discussed.
Chapter 3 describes the design of the dual CBF-MRF proposed in this work.
This frame is designed to have stiffness and strength comparable to a similar
dual frame using an MRF coupled with BRBs, denoted as BRBF-MRF. A 6-storey
prototype building is designed as either the dual CBF-MRF or the BRBF-MRF,
following the provisions of EC3 (2003) and EC8 (2004) and appropriate capacity
design rules.
Chapter 4 provides a comparison between the seismic performance of the
proposed CBF-MRF and the conventional BRBF-MRF, by means of
experimentally-validated finite element models (FEM). The hysteretic behaviour
of the energy-dissipating devices of the CBF-MRF, i.e. the SSPs and the beam
fuses, is calibrated against previous experimental data. Monotonic and cyclic
nonlinear static analyses, as well as nonlinear dynamic analyses, are carried out
to investigate the global and local behaviour of both systems. The dynamic
time-history analyses are performed using a set of 22 earthquake records scaled
to three different seismic hazard levels: the frequently-occurring earthquake
(FOE, 95-year return period), the design-basis earthquake (DBE, 475-year return
period), and the maximum-considered earthquake (MCE, 2475-year return
period).
Chapter 5 presents the experimental full-scale tests on the SSPs, carried out in
the Heavy Structures Lab at Heriot-Watt University. Two geometries of SSPs are
tested in a configuration reproducing the SSP-brace connection. A total of sixteen
tests are conducted under various loading protocols, including ultra low-cycle
fatigue (ULCF) and monotonic loading. The results for the two SSP geometries
are presented in terms of hysteretic behaviour, energy-dissipation, and ductile
fracture capacity.
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Chapter 6 is dedicated to the study of the fracture capacity of the SSPs. First,
a review of the approaches for predicting ductile fracture in steel structures
under cyclic loading is presented. Two types of fracture models are considered:
a low-cycle fatigue (LCF) model and mechanics-based fracture criteria. The LCF
parameters are calibrated against the experimental results on the SSPs. Two
mechanics-based fracture criteria, i.e., the Cyclic Void Growth Model (CVGM)
and the Abaqus fracture model, are also calibrated using experimental results
from coupon notched specimens, and complementary FEM simulations. These
two fracture models are validated through explicit numerical simulations of the
ULCF experimental tests of SSPs, and their ability to predict the SSP fracture
capacity is discussed.
Chapter 7 presents the assessment of the collapse potential of the dual CBF-
MRF. Incremental dynamic analyses (IDA) are conducted on a simplified FEM
model of the dual CBF-MRF that explicitly simulates the ductile fracture of the
SSPs. A set of 24 ground motions are scaled to increasing intensities up to collapse
according to FEMA P695 (2008). The IDA results are used to construct a fragility
curve for the probabilistic evaluation of the collapse capacity of the proposed
CBF-MRF.
Chapter 8 provides a detailed summary of the results obtained in this work,
the main conclusions and recommendations for future research.
4
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Literature Review
This chapter presents a review of the seismic design approaches currently
employed for steel structures, and discusses the need for improving their
seismic resilience. First, conventional steel systems are described by identifying
advantages and limitations of their seismic behaviour. Then, performance
targets and the latest design strategies for seismic resilience are presented.
2.1 Conventional seismic-resistant steel structures
In this section, a review of the most commonly-used seismic-resistant steel
frames is presented. Four framing systems are discussed: (1) moment-resisting
frames (MRFs); (2) concentrically-braced frames (CBFs); (3) eccentrically-braced
frames (EBFs); and (4) buckling-restrained braced frames (BRBFs). Their typical
configuration is shown in Figure 2.1.
MRF CBF
EBF BRBF
Figure 2.1. Conventional seismic-resistant steel frames
5
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MRFs are highly ductile systems with appreciable lateral flexibility. In MRFs,
lateral forces are resisted by bending, where energy is dissipated by the
formation of plastic hinges. As soft storey mechanisms induced by plastic hinge
formation in the columns are undesirable (Figure 2.2a), MRFs are designed
according to the weak beam/strong column design approach, which promotes
the formation of plastic hinges in the beams and at the base of the columns
(Figure 2.2b). Since this global sway plastic mechanism ensures a large energy
dissipation, current seismic codes assign to MRF the largest force reduction
factors [American National Standards Institute/American Institute of Steel
Construction 341/10 (ANSI/AISC 341/10 2010), Eurocode 8 (EC8 2004)].
However, due to their inherent low lateral stiffness, MRFs may be subjected to
large drifts that can cause excessive non-structural damage and stability issues
(Bruneau et al. 2011).
(a) (b)
Figure 2.2. Plastic hinging in MRFs: (a) strong beam/weak column; and (b) weak
beam/strong column
The ductile behaviour of MRFs primarily relies on the performance of the
beam-column connections, which are usually designed to be fully rigid. Prior to
the 1994 Northridge earthquake, these connections typically consisted in welded
beam flanges and a shear tab, as illustrated in Figure 2.3a (Chen et al. 1996).
However, following the unexpected extent of weld failures observed in the
aftermath of that earthquake, new moment connection configurations were
introduced in seismic codes to ensure high plastic rotations without excessive
strength degradation. The common strategy consisted in designing new details
to ensure that plastic hinging would develop in the beam, away from the
column face. Among the various connections proposed, the reduced beam
6
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section (RBS) or ’dog-bone’ connection is one of the most widely used. As
shown in Figure 2.3b, a typical RBS is obtained by tapering the beam flanges
according to a circular profile. However, as a result of their improved design,
this new generation of connections experience extensive permanent
deformations and local buckling under the design earthquake, resulting in large
residual drifts (Ricles et al. 2001).
(a) (b)
Figure 2.3. Moment-resisting beam-column connections: (a) Pre-Northridge (Ricles
et al. 2001); and (b) RBS (ANSI/AISC 358/10 2010)
Due to the poor response of MRFs in the 1994 Northridge and 1995 Kobe
earthquakes, CBFs gained more popularity, despite their comparatively limited
architectural versatility (Bruneau et al. 2011). A CBF is a truss system that resists
the seismic forces through the axial response of the braces, beams and columns.
This system represents an effective and economical alternative to MRFs for
controlling storey drifts due to their high lateral stiffness. Under severe
earthquakes, the braces dissipate the hysteretic energy through tensile yielding,
while, in compression, they experience elastic buckling and undergo large
lateral deflections. Due to the strength degradation of the brace in compression,
the typical post-buckling hysteretic behaviour of a CBF, illustrated in Figure 2.4,
is asymmetric, resulting in a reduced energy dissipation capacity of the system.
For this reason, current seismic provisions recommend for CBFs a lower
behaviour factor than MRFs. According to capacity design principles, columns,
beams and connections should be designed to be elastic (EC8 2004). However, in
the case of out-of-plane buckling of the brace, the gusset connection should be
carefully designed to accommodate large inelastic deformations (ANSI/AISC
341/10 2010). The reduced energy dissipation capacity is therefore associated
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with significant damage in the bracing members and connections (Elghazouli
2009). This response can also limit the re-distribution of forces over the height of
the building, resulting in a concentration of structural damage to few storeys
and thus in an increase in the collapse potential of the structure (Sabelli et al.
2013). In addition, excessive deformation of the bracing members may produce
significant damage on non-structural elements.
Comm. F2.] SPECIAL CONCENTRICALLY BRACED FRAMES (SCBF) 9.1–231
Seismic Provisions for Structural Steel Buildings, June 22, 2010
AMERICAN INSTITUTE OF STEEL CONSTRUCTION
are required to have sufficient strength to prevent failure under expected post-elastic
forces. Analytical studies on SCBF that are not part of a dual system have shown that
columns can carry as much as 40% of the story shear (Tang and Goel, 1987; Hassan
and Goel, 1991). When columns are common to both SCBF and special moment
frames (SMF) in a dual system, their contribution to story shear may be as high as
50%. This feature of SCBF greatly helps in making the overall frame hysteretic loops
Fig. C-F2.9. Brace-to-gusset plate requirement for
buckling out-of-plane bracing system.
Fig. C-F2.10. P-δ diagram for a strut.
Final_SeismicProvisions_Com. 1:Sept. 6, 2011  9/6/11  1:11 PM  Page 231
Figure 2.4. Hysteresis of a concentric brace under cyclic and axial loading
(ANSI/AISC 341/10)
In the last decades, new framing systems have been developed to address the
limitations concerning the MRFs and CBFs. EBFs and BRBFs represent an
improved class of braced frames that provide both large energy dissipation
capacity and high lateral stiffness, combining the advantages of MRFs and CBFs.
In EBFs, the brace axial forces are transferred either to a column or to another
brace using a carefully-designed beam segment, typically referred as link (Popov
& Engelhardt 1988). Figure 2.5 shows some representative configurations of EBFs,
in which the hysteretic energy is dissipated by the link through yielding in shear
or flexure. According to current seismic standards (EC8 2004, ANSI/AISC 341/10
2010), links are designed to act as the weakest elements, while the main structural
members are designed to be elastic. This design strategy prevents the braces from
buckling. The global behaviour of the system is governed by the link length (e),
where the stiffness and strength of the frame typically increases for shorter links.
In terms of yielding mechanism, long links yield in flexure, where short links
dissipate energy through shear. Experimental studies have shown that the energy
dissipation capacity of short links is greater than the one provided by flexural
8
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plastic hinges (Okazaki et al. 2005). However, being the energy-dissipating link
a segment of the beam, EBFs are prone to structural damage due to extensive
inelastic deformations and localised buckling experienced by the link (Mansour
et al. 2011). This can lead to disruptive and high cost repairs. In addition, large
link rotations may cause non-structural damage to the concrete floor deck (Popov
& Engelhardt 1988).
𝑒 𝑒 𝑒
Figure 2.5. Typical configurations of eccentrically-braced frames
BRBFs are a relatively recent system, first proposed in Japan in the 1970s and
extensively studied in North America after the 1994 Northridge earthquake
(Fahnestock et al. 2007b). This system has been developed to overcome the
disadvantages of CBFs in terms of hysteretic capacity and stiffness degradation
due to brace buckling. A buckling-restrained brace consists of a steel core plate,
which is restrained by a steel casing that allows the brace to yield in tension and
compression (ANSI/AISC 341/10 2010). Strength is provided mainly by the
energy-dissipating steel core, while the external casing is designed to provide
sufficient flexural stiffness for preventing global buckling of the bracing member
(Watanabe et al. 1988). As illustrated in Figure 2.6a, the steel casing is typically
filled with mortar or concrete, while an unbonding material is inserted between
the core and the mortar to allow the lateral expansion of the steel core under
compression. Different configurations have been developed in the last two
decades, as shown in Figure 2.6b. More recently, all-steel BRBs that do not use
mortar or concrete have been proposed as an economical and demountable
configuration. Instead of the traditional layer of unbonding material, a relatively
small gap is left between the core and the casing (D’Aniello et al. 2008, Chou &
Chen 2010).
9
Chapter 2. Literature Review
3
key advance in the new FEMA methodology is that uncertainties and randomness in the
seismic hazard, structural response, analytical procedures and modeling, and system and
member level capacities are accounted for explicitly.  Based on this reliability framework, the
methodology quantifies the confidence that the structure will not exceed the targeted
performance level.  In the case of new construction, emphasis is placed on life safety and
collapse prevention (though the method provides for voluntary consideration of other
performance levels, such as continued occupancy).  Based on calibrations to current design
practices and expert opinion, FEMA has suggested that new steel moment frames be able to
attain for a seismic hazard corresponding to a 2% probability of exceedence in a 50 year time
period, at least a 90% confidence of avoiding behavior modes that would jeopardize global
stability of the structure, and a 50% confidence of avoiding local collapse modes.
This performance-based evaluation framework permits comparison of the seismic
performance of different types of structural system on a consistent basis, and the development
of new design provisions that would provide uniform levels of reliability for different
structural systems, design and analysis methods, seismic hazards, etc.  To undertake such a
study, the seismic demands need to be first quantified for various hazard levels and these are
then compared with capacities.  In this paper, some of the structural and ground motion
characteristics affecting seismic demands of braced frames having buckling-restrained braces
are examined.  Future publications will address issues related to the capacity assessment of
such frames and the performance-based design of concentrically braced frames in general.
Buckling-Restrained Braces
Since many of the potential performance difficulties with conventional concentrically braced
frames rise from the difference between the tensile and compression capacity of the brace, and
the degradation of brace capacity under compressive and cyclic loading, considerable research
has been devoted to development of braces that exhibit more ideal elasto-plastic behavior.
One means of achieving this is through metallic yielding, where buckling in compression is
Some cross sections used
Mortar Yielding bar
Restraining Tube
Unbonding material
used between steel bar
and mortar
Yielding steel bar
Encasing
mortar
Steel Tube
(a)
Q. Xie / Journal of Constructional Steel Research 61 (2005) 727–748 733
Fig. 5. Catalog of buckling-restrained braces: (a) typical BRB configuration; (b) panel BRB configuration.
Fig. 6. Photos of buckling-restrained braces: (a) typical tube BRB; (b) panel BRB.
Fig. 7. Cross-sections of BRBs [9–37].
precast concrete panels [20]. The model by Suzuki et al. [21,22] consists of a wide flange
section restrained against lateral buckling by an exterior steel tube as shown in Fig. 7(e).
Cross-section of BRB consisting of two circular steel tubes is shown in Fig. 7(f). In
this configuration, the inner tube is responsible for providing the resistance against the
(b)
Figure 2.6. Buckling-restrained braces: (a) typic l geometry (Sabelli et al. 2003);
and (b) representative BRB cross-section configurations (Xie 2005)
BRBs typically ensure a full and symmetric hysteretic response with
relatively low post-yield stiffness, providing large energy dissipation capacity to
the frame. Experimental and numerical studies have shown that BRBs have the
ability of withstanding significant ductility demands (Black et al. 2004,
Fahnestock et al. 2007a). However, due to their low post-yield stiffness, damage
may be concentrated at certain stories (Sabelli et al. 2003), causing significant
residual drifts of the frame. In all-steel BRBs, excessive lateral thrusts exerted by
the core against the casing may lead to the failure of bolted connections of the
brace (Genna & Gelfi 2012). Also, detection and removal of the damaged BRB
may result in a complex and rather disruptive task (Bruneau et al. 2011).
System Advantages Limitations
MRF Excellent hysteresis - Low lateral stiffness
- Damage in beams (residual drifts)
CBF High lateral stiffness - Reduced energy dissipation
- Damage in braces and connections
EBF - High lateral stiffness Damage in beams and floor deck
- Excellent hysteresis
BRBF - High lateral stiffness Low post-yield stiffness (residual drifts)
- Excellent hysteresis
Table 2.1. Review of conventional seismic-resistant steel framing systems
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In conclusion, a summary of the advantages and limitations of the four
conventional steel frames is provided in Table 2.1. Overall, these systems
perform well under the design earthquake, but their main drawback is that they
experience extensive structural damage and significant residual drifts.
2.2 Socio-economic impact of damage and residual drifts
The review presented in the previous section highlights how structural damage
and residual drifts are the main issues affecting the seismic performance of
conventional lateral load-resisting systems.
When a building experiences significant inelastic deformations, direct
economic losses associated with repair, combined with the indirect economic
losses due to downtime, can be substantial (Arup 2013). This was confirmed by
recent seismic events, such as the 2010-2011 Christchurch earthquake series.
After the most intense earthquake (6.3 magnitude) occurred on 22 February
2011, which caused widespread damage and the death of 185 people, field
investigations recognised that the scale of devastation was mostly attributed to
the collapse of unreinforced masonry buildings and few reinforced concrete
buildings, while steel buildings performed fairly well (Clifton et al. 2011). The
fact that most of the steel structures were recent, and therefore built according to
the latest seismic provisions, greatly contributed to their satisfactory response.
However, structural reports of steel buildings equipped with EBFs documented
residual deformations at certain stories and, in few cases, unexpected fractures
of the energy-dissipating links (Clifton et al. 2012, Kanvinde et al. 2015). Two
examples of fractures of EBF links were reported in the Pacific Residential
Tower, a 22-storey steel building, and in the parking garage of the Christchurch
Hospital. These fractures did not lead to the collapse of the structures because of
the redundancy provided by the EBF systems (Clifton et al. 2011). The Pacific
Tower sustained a relatively low level of damage given the severity of the
earthquake, but, despite that, it was reopened only two years later, following
repair works that involved the replacement of several beam sections with the
EBF links and the repair of cracked concrete slabs (Clifton et al. 2012). This
example highlights the impact that repairing damage of structural elements can
have on the ability of conventional steel systems to quickly return to service
11
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after a strong earthquake.
Analytical and experimental studies have demonstrated that buildings that
sustain large inelastic deformations are likely to experience residual drifts
(MacRae & Kawashima 1997, Ruiz-Garcia & Miranda 2006b). Residual drifts
may pose further complications for the resilience of steel frames. Iwata et al.
(2006) studied the economic impact of residual drifts for a 12-storey steel
building damaged during the 1995 Kobe earthquake. It was found that direct
and indirect repair costs were not financially viable because residual drifts were
greater than 0.5%. The same residual drift limit is also identified by McCormick
et al. (2008), who established permissible residual deformation levels accounting
not just for the economic losses, but also for the physiological and psychological
effects on the building occupants. It was demonstrated that residual drifts
greater than 0.5% are perceived by building occupants, causing dizziness and
nausea. In addition, it was confirmed that such drifts would result in repairs
that are more expensive than the demolition of the building.
Based on this evidence, Erochko et al. (2011) conducted a numerical study
aimed to compare the residual drift response of a large number of MRFs and
BRBFs designed in accordance with American Society of Civil
Engineers/Structural Engineering Institute 7-16 (ASCE/SEI 7-16 2016). The
residual drift value of 0.5% was assumed as the limit beyond which the building
is no longer usable. It was found that the average MRF or BRBF has the potential
of experiencing significant residual drifts under the design basis earthquake
(DBE, 10% probability of exceedance in 50 years), with values in the range
0.8-1.8% for BRBFs and 0.5-1.2% for MRFs. These results indicate that, for a
design-level seismic hazard, conventional steel frames are likely to be unusable
due to large residual drifts, leading to costly repairs or possibly demolition.
2.3 Performance targets for seismic resilience
According to current seismic design provisions (ASCE/SEI 7-16 2016, EC8 2004),
the performance objective for ordinary buildings under the DBE is ensuring life
safety. For this performance level, structural and nonstructural damage is
expected. As discussed in the previous sections, structural damage may
translate into significant residual drifts that lead to economic losses and
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downtime. To achieve seismic resilience, buildings should be designed to return
to service within a short time after the DBE. Where current seismic codes do not
provide an explicit performance index for residual drifts, the 0.5% residual drift
limit previously discussed can be used as performance target.
Moreover, a resilient structure should provide a superior collapse margin
than conventional seismic-resistant systems. In current regulations, collapse
prevention under the Maximum Considered Earthquake (MCE, 2% probability
of exceedance in 50 years) is implicitly guaranteed once the structure is designed
to ensure life safety under the DBE. FEMA P695 (2008) has recently set a
permissible probability of collapse for a seismic-resistant system equal to 10%
under the MCE. Therefore, a resilient steel frame should offer far lower
probabilities of collapse for this seismic hazard level (Tzimas et al. 2015).
In summary, seismic resilience can be achieved when the following
performance targets are met:
1. under the DBE, residual drifts should not be greater than 0.5% to allow for
a quick recovery after the seismic event.
2. under the MCE, the probability of collapse should be well below 10%.
2.4 Design strategies for increased seismic resilience
Innovative resilient-based design approaches have recently been proposed to
mitigate the limitations of conventional steel systems and thus to enable a swift
recovery in the aftermath of a strong earthquake (Arup 2013). This section
presents an overview of some recently-proposed design approaches to mitigate
the impact of structural damage and residual drifts.
2.4.1 Structural fuses
To reduce the impact of repair works, an effective strategy is to concentrate
damage in replaceable devices, typically named in the literature as structural
fuses. They represent an improved class of energy-dissipating devices that are
designed to be easily inspected, repaired and replaced in the aftermath of an
earthquake. As the main structural members are designed to be elastic, the
13
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removal and replacement of structural fuses may facilitate the recentering of the
structure (Bruneau et al. 2011).
shop, shipped, and connected through the bolting of the nonlinear
links on the site.
Scope of Research Program
A research program of combined analytical and large-scale exper-
imental studies was conducted at the University of Toronto to de-
velop and validate the replaceable link concept. Two link types with
different bolted connections were investigated: (1) W-sections with
end-plate connections; and (2) back-to-back channels with bolted
web connections. The fabrication and assembly details for both of
the proposed link systems are shown in Fig. 2. First, a five-story
prototype building was designed and analyzed according to the
2005 National Building Code of Canada (NBCC; NRCC 2005)
specified seismic loads, representative of a high-seismic area in
British Columbia, Canada. Four full-scale beam-to-column subas-
semblages representative of the first floor exterior connections in
the prototype building were then tested under cyclic loading to en-
sure that moment connections with replaceable links can provide
strength and ductility that is equivalent to ductile MRF connections
by using the RBS detail. Finally, 3D finite-element models were
developed to capture the observed experimental responses, paving
the way for future parametric studies.
Design and Detailing of Buildings with Replaceable
Links
Frame Design Considerations
Preliminary beam and column sizes in the prototype frame were
selected according to traditional methods of design to meet strength
requirements (CSA 2001; NRCC 2005). As often occurs in seismic
regions, it was necessary to further increase the beam and column
sizes to meet story drift limits while ensuring that the strong-
column-weak-beam principle was enforced. For comparison pur-
poses, an equivalent RBS moment frame with 50% flange removal
was also designed for the prototype building. The member sizes of
both frames are shown in Table 1. The RBS frame is slightly stiffer
than the link frame because it was necessary to increase the column
sizes for capacity design after the drift requirements were met.
Because the link sizes and beam sizes are uncoupled in the link
frame, column sizes did not need to increase beyond what was nec-
essary for drift design. Although reducing the beam section near the
column face limits the capacity design forces, it also causes some
reduction in the stiffness of the frame, which in turn leads to in-
creased story drifts. This behavior in RBS connections was inves-
tigated by a number of researchers (Iwankiw 1997; Grubbs 1997;
Chambers et al. 2003; Iwankiw and Mohammadi 2004; Lee and
Chung 2007). For practical design purposes, 7–9% stiffness reduc-
tion is conservatively assumed for 40–50% beam flange removal in
RBS frames (CISC 2005; AISC 2005a). Replaceable links can be
readily incorporated into frame models to accurately assess the
building’s fundamental period, base shear, and drift, because each
link has a constant cross section along its length. Because this con-
cept uncouples the design of the plastic hinge from the design of the
beam, link sizes do not need to change when beam sizes are in-
creased for drift design. During the design of the prototype frame,
however, it was found that if the minimum required link sizes were
used, considerable elastic stiffness loss would occur in the frame;
beam and column sizes would need to increase significantly to meet
drift requirements. Larger links were thus chosen for the prototype
frame to achieve a more practical and economical design. Table 2
compares the probable moment capacities of the links in the proto-
type frame and the reduced beam sections in the equivalent frame.
Although the link sizes were increased to help meet drift require-
ments and to prevent vertical stiffness irregularity, their probable
moment capacities are still much lower than those of RBS connec-
tions. As a result, the capacity demand requirements for all other
members, diaphragms, and foundations are also reduced. Although
slightly heavier beams were used in the link frame than in the RBS
frame, it is expected that the replaceable link concept can provide
significant cost savings.
The designer can choose to optimize and further increase the
link size to help control drift and still be able to benefit from
reductions in capacity design forces. To investigate the balance
between reducing capacity design forces and limiting the loss of
Beam shipped to site &
bolted to replaceable link
Prefabricated
column with
beam stub
On-site bolting
of replaceable
link
Fig. 1. Replaceable link concept
tplate
CP
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Fig. 2. Beam-to-column connections with (a) bolted web links with bolted web connections; and (b)W-section links with bolted end-plate connections
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shop, shipped, and conn cted through the bolting of the nonlinear
links on the site.
Scope of Research Program
A research program of combined analytical and large-scale exper-
imental studies was co ducted at the U iversity of Toronto to de-
velop and validate the replaceable link conc pt. Two link types with
different bolted co nections were investigated: (1) W-sections with
end-plate connections; and (2) back-to-back channels with bolted
web conne tions. The fabrication and assembly details for both of
the proposed link systems are shown in Fig. 2. First, a five-story
prototype building was designed and analyzed according to the
2005 Nati nal Building Code of Canada (NBCC; NRCC 2005)
specified seismic loads, representat ve of a high-seismic area in
British Columbia, Can da. Four full-scale beam-to-column subas-
mblages represen ative of he first floor exter or connections in
the prototype building wer then tested u der cyclic loading to en-
sure that moment connections with replaceable links can provide
strength and d ctility that is equivalent to du le MRF connections
by using the RBS detail. Finally, 3D finite-el ment models were
developed to capture the observed experimental responses, paving
the way fo future parametric studies.
Design and Detailing of Buildings with Replaceable
Links
Frame Design Considerations
Preliminary beam and column sizes in the prototype frame were
selec ed according to traditional methods of design to meet str ngth
requirements ( SA 2001; NRCC 2005). A often occurs in seismic
regions, i was n cessary to furth r increase the beam and column
sizes to meet tory drift limits while n uri that the strong-
column-weak-beam principle was enfo ced. Fo comparison pur-
poses, an equivalent RBS moment r me with 50% flange removal
was also designed for the prototype building. The member sizes of
b th frames are shown in Table 1. The RBS frame is slightly stiffer
than the link fr me because it was nec ssary to increase the column
sizes for capacity design afte th drift requirements were met.
Because the link nd beam sizes are uncoupled in the link
frame, column sizes did not n ed to increase beyond what was nec-
essary for drift design. Al ough redu ing th beam section near the
column face limits the capacity de ign force , it also causes some
reduction in the stiffness of the frame, which turn leads to in-
creased story drifts. This behavior in RBS connections was inves-
tigated by a number of researchers (Iwankiw 1997; Grubbs 1997;
Chambers et al. 2003; Iw nkiw and Mohamma i 2004; Lee and
Chung 2007). For ractical design purposes, 7–9% stiffness reduc-
tion is cons rvatively assum d for 40–50% be m flange removal in
RBS frames ( ISC 2005; AISC 2005a). Replaceable links can be
rea ily incorporated into fr me models to accurately assess the
building’s fundam ntal perio , base she r, and drift, because each
link ha a onstant cros s ction along its length. Because this con-
cept uncouples the desig of the plastic hinge from the design of the
beam, li k sizes do not need to change when beam sizes are in-
creased for drift d sign. During the design of th prototype frame,
however, it was found that if the minimum requi d link sizes were
used, con iderable elastic stiffness loss would occur in the frame;
beam and column sizes would need to i crease significantly to meet
drift equirements. Larger links were thus ch sen for the prototype
fra e to achieve a more pract and economical design. Table 2
compares the probable moment capac ties of the links in the proto-
type frame and the reduced beam sections in the equivalent frame.
Although the link sizes were increased to help meet drift require-
m s and to prevent ve tica stiffness irregularity, their probable
momen capacities are still much l wer than those of RBS connec-
ions. As result, the capac ty d mand requirements for all other
me bers, diaphr gms, nd foundations are also reduced. Although
slightly heavier beams were used in the link frame than in the RBS
frame, i is expected that the replaceable link concept can provide
significant cost savings.
The de igner can choose to optimize and further increase the
link size to help control drift and still be able to benefit from
reduction in capacity design forces. To investigate the balance
between re uc ng capacity esign forces and limiting the loss of
Beam shipped to site &
bolted to replaceable link
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column with
beam stub
On-site bolting
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link
Fig. 1. Replaceable link concept
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Fig. 2. Beam- o-column connections with (a) bolted web links with bolted web connections; and (b)W-sec ion links with bolt d end-plate connections
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reached during a cycle, yielding propagated through the cross
section of the link, resulting in more energy dissipation.
Although no difficulties were encountered during the replace-
ment procedure in the laboratory, residual drifts in actual structures
may present additional complications. To accommodate the change
in geometry of a structure that has sustained residual drifts that are
deemed acceptable for the safety of the structure, the replacement
links can be custom fabricated to accommodate the deformed
geometry of the system. This can be easily accommodated with
the bolted web link detail by drilling the link holes on site.
Numerical Modeling of Connection
Nonlinear finite-element models were developed for the beam-
to-column test subassemblages with the commercial software
ABAQUS (2006) and validated with the measured responses from
the laboratory experiments. Beam-to-column subassemblages, in-
cluding RBS and other connections, have been modeled by a num-
ber of researchers (El-Tawil et al. 1998; Kim et al. 2002; Gilton and
Uang 2002; Zhang and Ricles 2006). Models with replaceable links
present additional challenges because the bolted connections must
also be modeled with reasonable accuracy. The models presented
in this study intended to capture the response of the experimental
specimens as closely as possible while still attempting to keep the
required computational time reasonable.
End-Plate Link Model
The model for the end-plate link subassemblage was developed to
capture the nonlinear cyclic response of the link and the connection
region behavior. The entire test subassemblage was modeled, with
boundary conditions similar to the physical boundary conditions of
the test setup as shown in Fig. 12(a). To increase computational
efficiency, hybrid models with both solid elements and shell
elements were adopted. The column and the majority of the beam
were modeled with four-node reduced-integration shell elements,
whereas the links and the connecting areas were modeled by using
eight-node reduced-integration solid elements to accurately capture
the connection behavior and the local behavior of the links. On the
basis of recommendations by El-Tawil et al. (1998) and Kim et al.
(2002), three elements were used through the flange thickness, two
elements through the web thickness, 14 elements across the flange
width, and 18 elements down the web depth (between the fillet
regions). To facilitate mesh transitions at the link-to-end-plate inter-
face, tie constraints were generated at these locations. To capture
the correct buckling shape in the link, initial geometric imperfec-
tions were introduced in the model. An eigenvalue buckling analy-
sis was first performed on the model, and a linear weighted
combination of the first two buckling modes was then superim-
posed on the model geometry before the cyclic load-deformation
analysis was carried out. A combined kinematic/isotropic model
capturing the cyclic inelastic behavior of metals was used to re-
present the material properties in the solid elements. Results from
unidirectional coupon tests were specified as half-cycle test data to
approximate the cyclic response of the material. Because the bolts
for the end-plate connections act primarily in tension, they were
modeled by using basic axial wire connectors. Load-deformation
relationship of the 25.4 mm A490 bolt was assigned to each con-
nector by using the kinematic material model. Before cyclic loading
of the model, loads equal to the specified bolt pretension load were
applied to the connectors. In accordance with experimental obser-
vations, bolt pretension was assumed to decrease linearly to near-
zero with increased loading deformation of the specimen in the
model. A linear relationship was assumed because the actual pre-
tension loss in the individual bolts was not measured during the
tests, and different levels of loss were experienced by different
bolts. Modeling the pretension loss resulted in softer yielding
corners in the hysteresis but did not influence the ultimate load
achieved. Details on all the modeling assumptions that were made
can be found in Shen (2009).
Good correlation was observed between the global hysteretic
response of the analytical model and the test specimen, as shown
Fig. 10. Damage details in channel links: (a) MRF-1B; and (b) MRF-1A (images courtesy of Y. Shen)
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reached during a cycle, yielding propagated through the cross
sectio of the li k, resulting in more energy dissipation.
Although no difficulties were encountered during the replace-
ment proc dure in the laboratory, residu l drift in actual structures
m y present addition l complic tions. T accommodate the change
in geometry of a structure th t has sustaine residu l drifts that are
d emed acceptable for the safe y of the structure, the replacement
links can be custom fabricated to accommodate the deformed
geometr of the system. This can be easily accommodated with
the bolted web link detail by drilling the li k holes on site.
Numerical M deli g of Connection
Nonlin ar fi ite-element models wer developed for the beam-
to-column t st suba semblages with the commercial software
ABAQUS (2006) and validat d with the measur d responses from
the laboratory experiments. Beam-to-column suba semblages, in-
cluding RBS and other connections, have b en modeled by a num-
ber of researchers (El-Tawil et al. 1998; Kim et a . 2002; Gilton and
Uang 2002; Zhang and Ricles 2006). Models with replaceable links
present additional challenges because the bolted connections must
also be modeled with reason ble accuracy. The mod ls presented
in this stu y intended to capture the response of the experimental
spe im ns closely as possible while still attempting to keep the
required computational time reasonable.
End-Plate Link Model
The model for the e d-plate link subassemblage was developed to
capture the nonlinear cyclic response of the link a d the connection
region behavio . The entire test subassemblage was modeled, with
boundary conditions similar to the physical boundary conditions of
he test setup as shown in Fig. 12(a). To increase computational
efficiency, hybrid models with both solid elements and shell
elements were adopted. The column nd he majority of the beam
w re modeled with four-node r duced-integration shell elements,
whereas the links a d the connecting areas were modeled by using
eight-node r duced-integration solid elements to accurately capture
the connection behavior and the local be av or of the links. On the
basis of recommendations by El-Tawil et l. (1998) and Kim et al.
(2002), three elements were used throu h e flange hickness, two
elements through the web thickness, 14 elements across the flange
width, and 18 elements down the web depth (b twe n the fillet
regions). To facilit te mesh transitio s at the link- o-end-plate inter-
face, tie constraints were generated at these locations. To capture
the orrect buckl g shape in the ink, initial geometric imperfec-
t ons wer introduced in the model. An eigenvalue buckling analy-
sis was first performed n the mode , and a linear weighted
combination of the first two buckling modes was then superim-
posed on th odel g ometry before the cyclic lo d-deformation
analysis was carried out. A combined kinematic/is tropic model
capturing the cyclic inelastic behavior of metals was used to re-
present the mater al properties in the solid el ments. Results from
unidirectional coupon tests w re peci ied as half-cycle test data to
approximate the cyclic response of the material. Becau e the bolts
for th end-plate connections act primar ly in t nsion, they were
modeled by using bas c axial wire connectors. Lo d-deformation
relationship of the 25.4 mm A490 bolt was assigned to each con-
nector by using the kinem tic material model. Before cyclic loading
of the model, oads qual to the specified bolt pretension load were
applied to the co ne t s. In accordanc with experimental obser-
vations, bolt pretension was assum d to d crease linearly to near-
zero with increased loading def rmation of the specimen in the
model. A linear relationship was assumed because the actual pre-
tension loss in the individu l b lts w not measured during the
tests, a d different levels of loss w re experienc d by different
bolts. Modeling the pretension loss re ult d in softer yielding
corners in the hysteresis but did ot influence the ultimate load
achieved. Details on all the modeling a sumptions th t were made
can be found in Shen (2009).
Good correlation was observed b tween t e global hysteretic
response of the analytical model and the t st specimen, as shown
Fig. 10. Damage details in channel links: (a) MRF-1B; and (b) MRF-1A (images courtesy of Y. Shen)
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Figure 2.7. Geometry and experimental deformed shape of nonlinear replaceable
links for MRFs: (a and c) bolted web link; and (b and d) end-plate link (Shen et al.
2011)
This section presents typical examples of structural fuses that have been
developed to increase the r pairability of MRFs and braced fram s. The de ign
of structural fuses for MRFs was first pres nted by Balut & Gio cu (2003).
Disposable dog-bone conn c ions were pr posed as an alternative to
conventional RBS connections. Instead of trim ing the beam flanges, a reduced
flexural capacity in the beam is achieved using either a bolted web connection or
an I-s ctio with b lted end-plate . The seismic performance of these structural
fuses was experime tally investigated by Shen et al. (2011). Figures 2.7a and b
illustrate the geo etry of the replaceable element , respectively a b lted web
link and an end-plate link. The design rules fo the impl entation in a
conventional MRF were discussed. It was demonstrat d that, unlike the RBS, t
design of the replaceable link has the advantag of bei g uncoupled fr m that of
the beam, leading to a more efficient design of the mo ent-resisting
14
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connections. The results of the experimental tests showed that connections
equipped with replaceable links can achieve a comparable performance to RBS
connections (Shen et al. 2011). The end-plate link was found to provide an
enhanced and stable hysteretic dissipation. Strength degradation occurred only
at high storey drifts (around 4%), due to local buckling in the beam flanges, as
shown in Figure 2.7d. The bolted web links (Figure 2.7c) sustained higher plastic
rotations without strength degradation, but exhibited a reduced energy
dissipation capacity due to the slipping of the bolts. Castiglioni et al. (2012)
conducted full-scale tests on a composite MRF with similar replaceable bolted
connections. The results demonstrated the ability of the fuse elements to reduce
damage in the main structural members.
(a)
L s i 
Ir- I I.- 
b!+ 
Fig. 1 Schematic details of 3 :ypica! welded TADAS 
device 
Fig. 2 The instant of triangular plate end collisions 
v 
-150 -75 DISPLAC&MENT &if;, IS0 
Fig. 3 Rapid increase of restoring force after plate end 
colliiions 
Fig. 4 Improved details for a TADAS device 
1521 
(b)
Beam
Bracing members
EBF link
(ADAS/
T-ADAS)
(c)
Figure 2.8. Steel yielding devices: (a) ADAS damper (Whittaker et al. 1991); (b)
T-ADAS damper (Tsai & Li 1994); and (c) EBF link with ADAS/T-ADAS dampers
(Xia & Hanson 1992)
In braced frames, yielding metallic devices have been typically used to
increase the energy dissipation capacity and thus to reduce damage in the main
structural members. However, these devices are not always designed to be
replaceable. Based on the first concepts developed in New Zealand in the 1970s
(Skinner et al. 1975, Kelly et al. 1972), a wide range of steel yielding devices were
15
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proposed. Among these, plates and bars with a variable cross-section that
follows the bending moment diagram are used to provide a uniform yielding
and therefore avoid localised deformations. Whittaker et al. (1991) developed a
hysteretic device, referred as added damping and stiffness (ADAS)
flexural-beam damper, which consists of a series of hourglass-shaped flat steel
plates, as illustrated in Figure 2.8a. A triangular-plate version of the ADAS
damper, known as T-ADAS (Figure 2.8b), was developed by Tsai & Li (1994).
Similarly, hourglass or single-tapered bars were used in proprietary
energy-dissipating systems (Kajima 1991, Bruneau et al. 2011). As a result of
their optimised shape, these devices offer enhanced energy dissipation and
long-cycle fatigue life under flexure.
The ADAS and T-ADAS dampers were implemented in either EBFs or
chevron CBFs (Figure 2.8c). In such configurations, these devices are designed to
resist shear forces and the plates are subjected to flexure. However, the ADAS
and T-ADAS were not specifically detailed as replaceable elements. More
recently, Mansour et al. (2011) developed and validated two replaceable EBF
links, following a design concept similar to the one described for the replaceable
links in MRFs. The experimental tests showed that, on top of their satisfactory
seismic performance, the links can be replaced even if the residual drifts are
greater than 0.5%.Innovative Dissipative (INERD) Pin Connections for Seismic Resistant Braced Frames 3
The present paper is focused on the analyses of the pin
connections. For details of the experimental investigations
reference is made to the relevant research reports
indicated above.
3. FEM Analyses for Cyclic Loading
The behaviour of the pin INERD connections has been
studied by FEM analyses that provide useful information
for the monotonic and cyclic response of the connections
at large inelastic deformations. The analyses were made
using the general purpose programme ABAQUS, version
6.4. The contact between the eye-bars and the pin, was
modelled by applying special interaction properties
between the appropriate surfaces, as ABAQUS provides
a vast variety of contact properties (e.g. stiffness, friction
etc.) to select from. Making use of the double symmetry
properties allowed for modelling of one quarter of the
connection that included one half of an external and one
half of an internal eye-bar and a quarter of the pin.
Monotonic loads were applied in the analysis through
axial displacement control up to 50 mm. Cyclic loading
was applied in cycles, the amplitude of which increased
by 5 mm from that of the previous ones. The analyses
were made in a first step for the connections that were
tested experimentally by Calado and Ferreira in Lisbon,
in order to allow a validation of the relevant models.
Accordingly four configurations with two internal eye-
bars were analyzed, together with two extra ones with
one internal eye-bar that were investigated only
analytically (Table 2). It may be mentioned that the
cyclic tests were performed according to the ECCS
testing procedure with three equal full cycles at the
prescribed displacements, ECCS 1986, while in the
analysis one full cycle was applied.
Figure 3 shows the connection at large displacements,
together with the von Mises stresses, indicating:
a) the spread of plasticity in the pin around the internal
eye-bars
b) the plastic deformations at the inner side of the
external eye-bars
c) the hole ovalisation in the eye-bars and
d) the transverse deformations, especially of the
thinner eye-bars
Figure 4 shows the response of the connection type D
as determined by the tests and the FEM analysis. The
material stress vs. strain law was taken such that allowed
for the inclusion of Bauschinger effects which appeared
to be important. The friction coefficient between the pin
and the eye-bars was taken equal to 0.4. It may be seen
that the connection strength to positive loading (eye-bars
in compression) is higher than the relevant strength to
negative loading (eye-bars in tension) for reasons to be
explained later. Some pinching is observed due to
ovalisation of the holes of the eye-bars, otherwise stable
hysteretic loops are achieved. Similar satisfactory
agreement between experimental and FEM results was
observed for all types of tested connections. It may be
stated that the analyses and the tests indicated that the
monotonic curves represent skeleton curves of the cyclic
ones, except at low deformations where they are stiffer
than the latter.
Figure 5 shows FEM results of the same connection
without consideration of Bauschinger effects (bilinear
material law). It may be seen that this analysis does not
correctly express the connection response in that it
predicts initiation of slipping at almost constant forces.
As previously mentioned, the eye-bars tend to exhibit
transverse inelastic deformations during cyclic loading.
Figure 6 shows analysis results for these deformations
for the connection type D and a picture of the connection
after the test, where these deformations are visible. It
may be seen that: a) the external eye-bars deform outwards,
while the internal inwards, b) these deformations are
accumulating in the cycles, increasing thus both the
overall span (distance between external eye-bars) and the
internal span (distance between external and internal eye-
bars) of the pin, c) the transverse deformations are higher
for the, thinner, internal eye-bars than the, thicker,
external ones. Obviously if only one internal eye-bar is
used (Table 2, types E and F) the relevant transverse
deformations disappear due to symmetry.
The applied moment on the pin, and therefore the
connection strength, is linearly varying with the distance
Figure 2. U-connection with one leg parallel or perpendicular to the brace axis (load horizontally applied).
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Figure 2.9. INERD connections (Vayas & Thanopoulos 2005): (a) U-shaped
connections; and (b) pin connection
Vayas & Thanopoulos (2005) developed two types of replaceable
energy-dissipating devices for CBFs, known as INERD connections: a
U-connection and a pin co nection (Figure 2.9). The U-connecti n consist of a
16
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pair of U-shaped steel plates that are tied to the brace and other structural
members. Energy dissipation is provided by flexural yielding due to the axial
force of the brace. Similarly, pin connections consist of a pin running through
external eye-bars tied to the column and internal eye-bars tied to the brace.
Experimental tests showed that these devices improve the energy dissipation
capacity of bracing systems, and inelastic deformations are concentrated in the
dissipative elements.
YBS
(a)
to the measured brace response, Fig. 8 includes the theoretical
stiffness of the assembly determined by combining the stiffness
of the connector [as calculated using Eq. (2)] and the axial stiffness
of the brace member. Eq. (2) does not include any contribution to
the overall flexibility by the elastic arms of the yielding connector,
nor does it consider any deformation in the bolted connection be-
tween the ends of the fingers and the splice plate assembly. Thus,
the predicted elastic stiffness of the prototype connector is slightly
higher than the measured elastic stiffness.
After the 2,000 elastic cycles, the inelastic deformation protocol
was applied to the test frame quasi-statically and again dynami-
cally. The load-deformation response measured in both quasi-static
and dynamic protocols is presented in Fig. 9. Throughout both
protocols, the yielding connector exhibited symmetric, full hyster-
etic yielding, with a postyield increase in stiffness that is a
characteristic of the connector’s design. There was no observed
significant difference between the quasi-static and dynamic defor-
mation cycles.
In the final compression excursion of the final dynamically ap-
plied cycle (at an amplitude of 60 mm) 1 of the 10 yielding fingers
of the YBS4 connector fractured. This is evident in Fig. 9 where the
strength of the connector abruptly decreases by approximately
1/10. The remainder of the cycle was completed at this reduced
strength. Because this was the second consecutive application of
the prescribed testing protocol, this failure is not considered an
unsatisfactory result. The loss of a finger midcycle demonstrated
the YBS yielding connector’s ability to continue stable yielding
behavior despite a slightly eccentric load (one finger being re-
moved from one side of the splice plate leading to unbalanced
forces on each side of the brace axis). The loss of a finger also
demonstrated the inherent robustness and redundancy of the yield-
ing connector. The configuration of the YBS yielding connector
results in multiple (in the case of the prototype connector, 10) yield-
ing elements loaded in parallel. Thus the loss of one yielding
element does not result in a complete loss of strength and stiffness,
as it would in a traditional bracing member. The cyclic failure of the
yielding connector results in a gradual loss of strength as fingers are
damaged and each finger fails in succession.
The response of the YBS4 brace assembly test specimen is pre-
sented in Fig. 10 as it is cycled repeatedly at a large deformation
amplitude of 120 mm. As with YBS3, the YBS4 yielding connector
was artificially weakened upon the completion of the dynamically
applied protocol by removing 4 of 10 fingers (one of those four
fingers was the finger that failed in the final cycle of the protocol).
Unlike YBS3, the fingers of brace assembly test specimen YBS4
which were removed were interior fingers rather than fingers at the
end of the connector. The intent was to avoid the out-of-plane
instability that was observed in the testing of Specimen YBS3.
As illustrated in the hysteresis, YBS4 exhibited a stable inelastic
response, even with the fingers removed, until load resisted by
the fingers eventually degraded as each finger failed in low-cycle
fatigue. The results of the large deformation cycling of YBS4
indicated that attributing the lack of stability observed with
YBS3 to the removal of the fingers was likely correct, and that
the prototype connector had deformation capacity in excess of
the design displacement (2Δbm ¼ 80 mm).
As presented in the discussion on the limit states of braced
frames using YBS yielding connectors, the in-plane brace rotations
that result from lateral frame deformations in design-level seismic
events are accommodated, in part, through rotation of the yielding
connector in the plane of the frame. Using measurements obtained
from the Nikon K610 and the LED targets mounted on the connec-
tor, gusset plate, and the end of the brace member, the movement of
the yielding connector perpendicular to the brace axis and the ro-
tation in the yielding connector were calculated and compared with
the brace axial deformation and brace axial force in a series of time
histories, presented in Fig. 11 for the quasi-static portion of the
YBS4 protocol.
The first two time histories (brace elongation and load) appear
as expected; the deformation history follows the ramped protocol
used to control the test, while the load history exhibits the expected
yield plateaus and the increase in strength and stiffness at large de-
formations. The third time history presents the average measured
displacement of the two LEDs mounted on the end of the brace
member, normal to the brace axis. This history shows that in
smaller deformations, after settling into a neutral position in the
first cycle, the connector moved laterally in equal amounts about
that neutral position. In the second cycle at a brace elongation of
60 mm, the connector’s lateral movement began to bias toward the
lower beam of the test frame. This lateral movement occurs within
the slotted holes in the slice plate assembly. When the brace
assembly is loaded in tension, the connector moves laterally toward
the lower beam until the finger bolts on the upper side have reached
Fig. 9. Hysteretic response obtained from the initial quasi-static and
dynamic cycles of full-scale frame test YBS4 Fig. 10. Hysteretic response obtained from large deformation, quasi-
static cycles of full-scale frame test YBS4
© ASCE 04016210-7 J. Struct. Eng.
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(b)
Figure 2.10. YBS connector (Gray et al. 2017): (a) geometry of full-scale test; and
force-displacement response
Inspired by the T-ADAS damper, Gray et al. (2014) developed a novel cast
steel yielding connector, denoted as YBS, which can be used as structural fuse in
a conventional CBF. The YBS connector (Figure 2.10a) is placed at one end of the
bracing member, and it consists of two steel castings with yielding fingers and a
splice plate assembly. Energy dissipation is provided by flexural yielding of the
fingers designed with an optimised shape that mat h s th bending mom nt
diagram. The main structural members, including the brace, are designed to be
elastic. Experimental tests on a full-scale frame with the proposed cast steel
system (Figure 2.10b) showed that, like the BRBs, braces with the YBS connector
provide a full symmetric hysteresis. At la ge displacement cycle , due to the
influence of second-order effects, th response of the YBS exhibited a ignificant
increase in post-yield stiffness, which may reduce p ak and residual drifts and
prevent the development of soft-storey mechanisms.
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2.4.2 Self-centering post-tensioned systems
The use of post-tensioning technology in steel frames has been proved an
effective strategy to reduce residual drifts, as it allows for the self-centering (SC)
of the structure after an earthquake. Researchers have often designed SC
systems in combination with innovative structural fuses to ease the repair
process. This section presents some recently developed SC steel systems:
SC-MRFs with post-tensioned (PT) connections; SC-CBFs with vertical PT bars;
and SC energy-dissipating braces.
Experimental Evaluation of Earthquake Resistant
Posttensioned Steel Connections
J. M. Ricles, M.ASCE1; R. Sause, M.ASCE2; S. W. Peng3; and L. W. Lu, M.ASCE4
Abstract: Nine large-scale subassembly tests were conducted to investigate the behavior of an innovative posttensioned wide flange
beam-to-column connection for steel moment resisting frames subjected to seismic loading conditions. The connection includes top and
seat angles bolted to the beam and column. Strands are placed along the length of the beam, passing through the column and
posttensioned to provide a precompression of the beam against the column. The parameters investigated in the study include the angle
thickness, angle gage length, beam flange reinforcing plates, connection shim plates, and posttensioning force. The test results demonstrate
that posttensioned connections provide excellent elastic stiffness, strength, and ductility under cyclic loading, with energy dissipation
occurring primarily in the angles. The connection initial elastic stiffness is comparable to that of a fully restrained welded connection. In
addition, the connection has essentially no residual deformation following several cycles of inelastic story drift. Simple design models are
developed and verified by the test results for estimating the connection decompression moment and moment capacity, as well as the
increase in posttensioning strand force due to connection deformation.
DOI: 10.1061/~ASCE!0733-9445~2002!128:7~850!
CE Database keywords: Connections; Steel construction; Ductility; Energy dissipation.
Introduction
Structural steel has been widely used in moment resisting frame
~MRF! systems for buildings. Numerous failures were found in
the welded beam-to-column connections of over 100 steel MRFs
after the 1994 Northridge earthquake ~Youssef et al. 1995!. These
failures were unexpected and consisted of fractures which typi-
cally initiated in the full penetration groove weld between the
beam and column flanges. The cyclic strength and ductility of the
connections were diminished as a result of the fractures. Several
alternative moment connection details have been proposed since
the Northridge, including the use of reinforcing plates ~Engelhardt
and Sabol 1998!, bolted or welded haunch brackets ~Kasai et al.
1998!, or the reduction of the beam flange width to control the
plastic hinge location ~Chen et al. 1996!. All of these details are
intended to force inelastic deformation to develop in the beams
away from the connection. Consequently, following a design-
level earthquake, beams with these connections will have perma-
nent damage caused by yielding and local buckling, resulting in
residual drift of the MRF.
As an alternative to the welded beam-to-column connection,
the authors have developed a posttensioned ~PT! steel moment
connection with bolted top and seat angles for seismic resistant
MRFs. The connection avoids the use of field welding, reduces
beam damage, and eliminates residual drift. As shown in Fig.
1~a!, the connection utilizes high-strength steel strands that are
posttensioned after the bolted top and bottom seat angles are in-
stalled. Under the action of the posttensioning force, contact
stresses develop at the interface of the beam and column. The
posttensio ed strands pass through the column and are anchored
outside the connection region, as shown in Fig. 1~b!. Shim plates
are used between the end of the beam and column face for con-
struction fit up, with additional plates used to reinforce the beam
flanges.
The flexural behavior of a PT connection is characterized by
gap opening and cl sing at the beam–column interface under cy-
clic loading. The theoretical mo ent–rotation (M – u r) relation-
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Fig. 1. Schematics of ~a! posttensioned ~PT! connection and ~b!
moment resisting frame with PT connections
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drift as Specimen 36s-20-P since some wires in the strands frac-
tured. This comparison demonstrates two advantages to using a
larger number of strands to achieve a certain level of T0: ~1!
greater strength is achieved because of a larger stiffness after
decompression, and ~2! greater deformation capacity ~i.e., ur! is
available since the strands have a smaller initial force, and there-
fore a larger margin for increasing the strand force without frac-
ture or yield of the strands.
Fig. 8 indicates that Specimens 36s-20-P and 16s-45 have the
same initial lateral stiffness ~prior to decompression!, which is
comparable to that of a welded connection specimen, Kwelded, as
established by Ricles et al. ~2002a!. In general, prior to decom-
pression, all of the PT connection specimens had an initial stiff-
ness similar to that of a welded connection.
Beam Local Buckling and Beam Strains
Table 3 shows that Specimens 36s-30 and 36s-30-P were tested to
1.7 and 2% story drift, respectively. However, the peak maximum
load, Hmax, was attained at 1.3 and 1.9% story drift for Specimens
36s-30 and 36s-30-P, respectively. The drop in load after the peak
was attributed to beam flange and web local buckling. A longer
reinforcing plate delays the onset of local beam flange and web
local buckling, and Specimen 36s-30-P with a reinforcing plate
458 mm longer than that of Specimen 36s-30 achieved an addi-
tional 0.6% story drift before local buckling developed. These
specimens had a large T0 value and therefore a large Md,exp. The
combined stresses on the beam due to moment and axial load ~due
to the posttensioning! caused the beam to buckle locally before a
large ur was reached. Fig. 7~b! plots M-ur for Specimens
36s-30, 36s-30-P, and 36s-20-P. The self-centering capability of
the PT connection can be lost after the onset of beam local buck-
ling, and Specimens 36s-30 and 36s-30-P both had a residual
column top deflection of about 18 mm when the lateral load was
removed. Beam local buckling can cause significant beam short-
ening, which, in turn, can lead to a significant loss in PT force.
Garlock ~2002! shows that for a distance from the column face
greater than the reinforcing plate length, Lrp, the strains vary
nearly linearly across the beam depth, suggesting that plane sec-
tions remain plane. However, within the length of the reinforcing
plate plane sections do not typically remain plane. Fig. 9 shows
the strains through the beam depth at selected distances of x from
the column face equal to 203 mm, 458 mm, and Lrp. The strains
are shown for two stages in the tests; in the initial state ~after
posttensioning but before loading the specimen!, and at 3% story
drift. Specimen 20s-18-W is not included in this figure since this
specimen’s strains are similar to the strains of Specimen 20s-18.
Specimens 36s-30 and 36s-30-P are also not included since these
specimens did not achieve 3% story drift. The strain distribution
results at 3% story drift suggest the following:
1. Near the column face, the beam flanges and reinforcing
plates have relatively large strains but the beam web has
relatively small strains. The web is not in contact with the
column due to the shim plates and therefore is not expected
to have significant strains near the column face.
2. At a distance from the column face less than the reinforcing
plate length, plane sections do not remain plane in the beam
which is evident in Fig. 9~d!.
3. At the end of the reinforcing plate, the strains vary linearly
across the beam depth except at the outermost compressive
fiber. At this point, the strains are relatively large indicating
that strain concentrations form in the beam flange at the end
of the reinforcing plate.
Local flange and web buckling results in flange and web dis-
tortion, which can lead to shortening of the beam, which in turn
can lead to a loss of posttensioning force. Loss of posttensioning
results in a loss of connection strength, and if the angles also
fracture, the gravity load capability of a PT frame could be com-
promised. Therefore, for the development of design criteria, it is
important to identify the strains producing the flange and web
distortion leading to local buckling, and a loss in posttension
force. In these experiments, it was generally found that if a lateral
drift was imposed that resulted in the strain exceeding two times
the yield strain, «y, near the end of the reinforcing plates, then the
beam flanges developed a significant rate of increase in plastic
strain indicating the onset of beam local buckling. This strain
value of 2«y is less than expected based on experiments by Ricles
et al. ~2002a!, which included only bending in the beam. The
relatively low value is attributed to the stress concentrations at the
end of the reinforcing plate and the combination of axial force
and bending in the beam.
Angle Behavior
Specimens 20s-18 and 20s-18-W reached the limit state of angle
fracture. All four angles fractured in the fillet of the leg attached
to the column at the end of two cycles of 4% story drift sud. The
response of Specimen 20s-18-W ~with welded angles! was the
same as Specimen 20s-18, suggesting that the impact forces
caused by slip of the angles relative to the beam did not affect the
angle’s fatigue life.
The total initial strand force, T0, strongly influences the limit
state of angle fracture. A smaller T0 leads to earlier decompres-
sion, and therefore leads to more plastic deformation of the angles
leading to angle fracture ~Garlock et al. 2003!. An example of the
influence of T0 can be seen by comparing the performance of
Specimens 20s-18 sT0=1 ,526 kNd and Specimen 36s-20-P sT0
=3,194 kNd. Both specimens were expected to reach the limit
state of angle fracture ~see Table 1!. Yet Specimen 20s-18, with
about half the T0 value of Specimen 36s-20-P, had all four angles
fracture at the end of two cycles of 4% story drift, whereas Speci-
men 36s-20-P did not fracture any angles after two and one-half
cycles of 4% story drift. This is attributed to the fact that the
angles of Specimen 20s-18 underwent more accumulated plastic
strain due to earlier decompression.
Fig. 8. Lateral load-displacement response of Specimens 36s-20-P
and 16s-45
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Figure 2.11. Post-tensioned connection in a self-centering MRF: (a) geometry
(Ricles et al. 2001); and (b) experimental force-dis lacement behaviour (Garlock
et al. 2005)
Ricles et al. (2001) first developed a SC-MRF with PT connections that
reduces structural damage in the beams, resulting in little residual deformations.
Unlike the typical moment-resisting connections, the proposed PT connection,
shown in Figure 2.11a, uses high-strength steel strands to clamp the beams on
columns. Under cyclic loading, the connection behaviour is characterised by a
gap opening and closing mechanism at the beam-column interface, where
contact stresses develop and provide flexural resistance. Energy is dissipated by
top and seat angles that yield when the gap opens. This system typically
exhibits a flag-shaped hysteretic behaviour (Figure 2.11b), demonstrating the
ability of the SC-MRF to recenter upon unloading due to the restoring forces of
the PT strands. Experimental tests showed that significant damage concentrates
only in the structural fuses, i.e. bolted top and seat angles, minimising the
residual deformations in the connection (Ricles et al. 2002, Garlock et al. 2005).
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moments at decompression and gap opening were Md5 62 kN=m
andMIGO5 95 kN=m, respectively. These values are slightly smaller
than the design values of Md5 66 kN=m and MIGO5 100 kN=m.
However, the predicted analytical curve captures well the cyclic be-
havior in terms of both stiffness and strength. The analytical prediction
is also in good agreement with both theMPT-u and theMWHP-u loops,
as shown in Figs. 12(c and d), respectively. The average energy-
dissipation factor,b, calculated fromall theexperimental hysteretic loops
was 0.28, which is smaller than the calculated theoretical value of 0.31.
Displacement measurements at the beam-column interface in-
dicated a vertical translation of the beam axis with respect to its
initial position of about 4 mm. This translation took place gradually
during the testing procedure and is attributed to a gradual loss of
friction between the beam and the column interface. Shear tabs
could be welded on the column ﬂange and bolted on the beam web
using slotted holes to accommodate gravity loads and eliminate the
vertical beam displacement without inﬂuencing the connection
moment behavior. Another alternative to accommodate gravity
loads could be the use of a seat angle positioned below the bottom
ﬂange of the beam.
Fig. 13 shows a close-up view of the gap opening angle corre-
sponding to 6% drift. Apart from the intended damage in the WHPs
and local yielding in the beam edges at the beam-column interface,
no other evidence of damage was observed for drifts lower than or
equal to 6%. Yielding in the beam ﬂanges at the beam-column
bearing surface was evident from the ﬁrst cycles of the test. In fact,
it was visually veriﬁed that the extreme edges of the beam at the
beam-column interface became rounded during the test. As a result,
the location of the COR was not constant during the experimental
process. At the initial cycles the COR was located approximately at
the center of the reinforcing plate, while at larger drifts it was
stabilized at the inner side of the reinforcing plates.
During the last cycle of 9% drift, the specimen failed because of
local buckling of the web of the beam immediately after the end of
the reinforcing plates. Fig. 14 shows a close-up view of the buckled
region. Web buckling took place at 7% drift, while local buckling of
the beam ﬂanges initiated at the same time. Strain gauge mea-
surements did not indicate yielding at any point throughout the beam
section when local buckling initiated.
Fig. 15 plots the variation of the force in the PT bars with respect to
drift. ThePT force increasedwith gap opening and returned to its initial
value of 504kNwhen the gap closed. The loss in posttensioningduring
the test was about 7 kN. Themaximum force in the PT bars had values
of 850 and 970 kN at 6 and 9% drift, respectively. These values show
that the PT bars remained elastic during the test because their nominal
yield limit was 1,227 kN. A drop in the PT force as a result of beam
local buckling was observed during the last cycle.
Specimen SC-WHP2
Fig. 16(a) shows the cyclic force-drift behavior of Specimen SC-
WHP2. The behavior was stable with full self-centering capacity up
to 6% drift, which was similar to Specimen SC-WHP1. A ﬁnal
experimental loop of 10% drift caused the connection to fail, and
a residual drift of 4% was present at the end of the test.
The moment versus relative rotation hysteresis is plotted in
Fig. 16(b). The experimental Md value was 60 kN/m, while MIGO
was 92 kN/m. These values are somewhat smaller than the
Fig. 12. Hysteretic response of Specimen SC-WHP1 and comparison with analytical predictions
Fig. 13. Gap opening at 6% imposed drift of Specimen SC-WHP1
1040 / JOURNAL OF STRUCTURAL ENGINEERING © ASCE / JUNE 2013
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Figure 2.12. Post-tensioned connection with WHPs (Vasdravellis et al. 2013): (a)
geometry details; (b) component test on WHPs; and (c) large-scale test
Several configurations of SC-MRFs have b en developed, with the main
difference being th type of energy dissipating d v ce us d, i.e. s eel y elding
based or friction based. In the first category, buckling-restrained steel bars that
dissipate nergy through axial yielding were propos d by Chri topoulos et al.
(2002), while Chou. et al. (2006) developed a device consisting of reduced flange
plates welded to the column and bolted to the beam flange. Recently,
Vasdravellis et al. (2013) have proposed a novel PT connection using as
structural fuses steel cylindrical hourglass-shaped pins (named WHPs), placed
between the flanges of the beam, as illustrated in Figure 2.12a. Similarly to the
ADAS damper, the WHPs subjected to bending provide ehnanced large energy
dissipation and fracture capacity. This excellent behaviour was confirmed by
component tests on WHPs (Figure 2.12b) made of high-strength or stainless steel
(Vasdravellis et al. 2013, 2014). Large-scale experimental tests on the proposed
post-tensioned connection (Figure 2.12c) demonstrated that the connection
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ensures a self-centering behaviour, with the advantage of damage concentrating
in the WHPs. This indicated the potential for an easy repair process in the
aftermath of a major earthquake.
A friction-based alternative to the steel yielding angles proposed in Ricles
et al. (2001) was developed by Rojas et al. (2005) and Kim & Christopoulos
(2008), where SC-MRFs were equipped with friction devices placed at the top
and bottom of the beam. Other solutions consisted in using friction-based
devices placed in the web of the beam (Tsai et al. 2008) or on the bottom flange
of the beam (Wolski et al. 2009).
PT bars
Gravity 
column
ED 
elementSC-CBF
column
(a)
 
FRAME CONFIGURATION 
 
Several SC-CBF configurations have been studied (Roke et al. 2006, 2009). 
From these configurations, Frame DDIST, was selected for detailed study. Frame 
DDIST, shown in Figure 2, consists of an SC-CBF placed between two additional 
columns that are attached to the gravity load system of the building. These two 
“gravity columns,” which do not uplift, separate the gravity load carrying function 
from the rocking of the SC-CBF. “Friction-bearing” dampers are located so that slip 
can occur due to the relative vert cal displ ceme  between the gravity columns nd 
the SC-CBF columns. Each friction-bearing damper has a small initial gap between 
the gravity column and SC-CBF column, which is closed by the transfer of floor 
diaphragm inertial forces in bearing between the gravity column and the SC-CBF 
column. A brass shim is located in each of the gaps of the friction bearing dampers. 
The normal force on the friction surface equals the floor diaphragm inertial force 
transferred to the SC-CBF at a floor level. The steel-on-brass friction surface has a 
friction coefficient of approximately 0.5. To reduce the elongation demand on the PT 
steel, the PT steel is located at midbay of the SC-CBF. As the tension column uplifts 
and a gap opens at the column base, the elongation demand of the PT steel is half of 
the gap-opening displacement of the uplifting column, Δgap (Figure 1(c)). A vertical 
“distribution” strut is located in the upper story. This strut distributes the force of the 
midbay PT steel to the braces over multiple stories, thereby reducing the 
concentration of force in the braces in the upper story. 
 
 
 
Figure 2. Frame configuration DDIST: (a) schematic; (b) photo of test structure. 
 
LIMIT STATES AND PERFORMANCE-BASED DESIGN 
 
The primary limit states considered in the performance-based seismic design 
(PBD) of an SC-CBF are: (1) decompression and uplift of the “tension” column at the 
base of the SC-CBF; (2) yielding of the PT steel; (3) significant yielding of the 
beams, columns, or braces of the SC-CBF; and (4) failure of the beams, columns, or 
Friction-
bearing 
damper 
Distribution 
strut 
PT bar 
Gravity column 
SC-CBF column 
(a) (b) 
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Figure 2.13. Self-centering CBF (Sause et al. 2010): (a) configuration with additional
gravity columns; and (b) large-scale experimental tests
The excell nt performance of SC-MRFs in reducing residual drifts indicated
the potential of applying the post-tensioning technology to braced frames. An
innovative SC-CBF has been recently developed by Roke et al. (2009). This
system is a conventional CBF with the column bases detailed to permit the
column uplifting from the foundation, initiating a rigid rocking mechanism. PT
strands anchored at the top of the columns and at the foundations provide a
restoring force, along with the gravity loads. The resulting self-centering
mechanism is similar to that provided by rocking structures (Bruneau et al.
2011). Due to the post-tensioning forces, the design of the SC-CBF requires
strong columns. Alternatively, two additional gravity columns can be added to
the frame, and PT bars can be placed at mid-bay to limit their elongation
demand, as illustrated in Figure 2.13a. Sause et al. (2010) tested this
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configuration in a large-scale 4-storey frame, shown in Figure 2.13b. The results
of hybrid simulation tests showed that the SC-CBF experiences far less residual
drifts than a conventional CBF. In addition, structural damage was negligible
under the DBE and was minimal under the MCE.
A self-centering energy dissipative steel brace, named as SCED, has been
recently developed as an alternative to conventional BRBs (Christopoulos et al.
2008, Tremblay et al. 2008). The SCED system consists of a bracing member with
pre-tensioned tendons and friction-based energy-dissipating devices (Figure
2.14). The bracing members are steel rectangular hollow sections, arranged in a
concentric configuration. Guiding elements are used to constrain the relative
motion of the inner and outer tubes, being these only welded to end plates.
Inside the inner tube, there is a system of post-tensioned members that are
anchored to the outer surface of the end plates. The overall strength of SCED is
provided by the post-tensioned elements and the friction devices. Shake table
tests conducted on a reduced-scale three-story CBF equipped with SCED braces
showed that this system ensures a full self-centering response under the DBE
and a drastic reduction in residual drifts under the MCE (Erochko et al. 2013).
Figure 2.14. SCED bracing system geometry (Christopoulos et al. 2008)
Overall, post-tensioned steel systems are effective in minimising residual
drifts of steel frames. However, implementing such systems in current practice
can be challenging, since they involve additional complexity in design,
fabrication and erection (Chancellor et al. 2014). Moreover, post-tensioned
tendons require to be regularly maintained, resulting in frequent disruptions
and high costs.
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2.4.3 High post-yield stiffness systems
Recent studies on the impact of residual deformations have highlighted how
providing high post-yield stiffness to the structure can effectively limit residual
drifts (MacRae & Kawashima 1997, Pampanin et al. 2003, Ruiz-Garcia &
Miranda 2006a). Design measures to increase the post-yield stiffness of
conventional reinforced-concrete and steel frames systems, without the use of
post-tensioning systems, were discussed in Pettinga et al. (2008). Residual drifts
can be reduced either by increasing the post-yield stiffness of the material used
for specific structural elements (e.g., reinforcement steel in concrete frames), or
by introducing a secondary elastic frame in parallel with the primary frame.
This second strategy is supported by the results of a study presented by Kiggins
& Uang (2006), where an internal gravity frame was designed as secondary MRF
to reduce the residual drift of a perimeter BRBF. This type of systems are
commonly named as dual frames. Kiggins & Uang (2006) conducted a
numerical evaluation on 3- and 6-storey prototype buildings designed as either
BRBFs or dual BRBF-MRFs. Figure 2.15 illustrates the comparison between the
peak and residual story drift performances of the dual BRBF-MRF and the
conventional BRBF for a 6-storey building. Their study showed that the dual
BRBF-MRF was able to provide a significant decrease in residual drifts, while
limiting the peak storey drifts.
S. Kiggins, C.-M. Uang / Engineering Structures 28 (2006) 1525–1532 1531
Table 4
Maximum response values for BF and Dual system models
Building model Mean value and (standard deviation)
Maximum story drift ratio Residual story drift ratio Brace ductility factor Cumulative ductility factor
3-story
BF system 0.0103 0.0039 4.9 22.4(0.0051) (0.0033) (2.7) (16.0)
Dual system 0.0093 0.0021 4.5 24.7(0.0046) (0.0018) (2.4) (18.6)
6-story
BF system 0.0083 0.0029 3.5 16.4(0.0033) (0.0029) (1.9) (9.7)
Dual system 0.0073 0.0013 3.0 14.8(0.0028) (0.0014) (1.6) (9.1)
(a) 3-story frames.
(b) 6-story frames.
Fig. 10. Maximum and residual story drift ratio profiles along building height.
8. Conclusions
Designing BRBFs as a Building Frame (BF) system is
prone to large residual story drifts after a significant earthquake
shaking due to the low post-yield stiffness of the buckling-
restrained braces. To reduce residual story drifts, this study
suggested that one option is to design the BRBFs as a Dual
system; the addition of special moment-resisting frames, which
exhibit large deformability in the elastic range, can serve as a
restoring force mechanism to partially re-center the building
after a significant seismic event.
By analyzing 3- and 6-story configurations that were
designed as either a BF or Dual system with a suite of
earthquake ground motions, the results showed that the ductility
demand of the braces is only reduced slightly. Although the
maximum story drift ratio was reduced by about 10% to
12% when the Dual system is used, the most significantly
finding is that the addition of backup moment frames does
(a) PSA vs. peak story drift ratio.
(b) PSA vs. residual story drift ratio.
(c) Peak story drift ratio vs. residual story drift ratio.
Fig. 11. Relationships between spectral acceleration and story drift ratios.
reduce significantly the residual story drifts. Such reduction
in permanent deformations provides another justification for
assigning, as an incentive for design, a larger value of R for
the BRBF Dual system.
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Figure 2.15. Comparison between peak and residual storey drifts of a dual BRBF-
MRF and a conventional BRBF (Kiggins & Uang 2006)
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2.4.4 Summary
This section presented three different design approaches to mitigate the impact
of structural damage and to reduce residual drifts after a major earthquake. The
main advantages and drawbacks of these solutions are outlined in Table 2.2.
Structural fuses have been proved effective in reducing damage in main
structural members. In addition, they are designed to be easily replaced if
damaged, allowing for the structure to re-center, and, thus, mitigating residual
drifts. On the other hand, post-tensioning technology or increasing high
post-yield stiffness can achieve a further reduction of residual drifts.
Post-tensioned systems ensure the full self-centering of the structure and also
reduce damage in main structural members, due to the gap opening mechanism.
However, such systems involve additional complexity in design and
construction, along with expensive maintenance. A valid alternative to
post-tensioning is increasing the high post-yield stiffness of the structure, but
this strategy alone can not prevent damage in main structural members.
To achieve increased seismic resilience, these strategies can be combined
together. For instance, post-tensioned systems are often equipped with
structural fuses to prevent damage in main structural members, while ensuring
the self-centering of the frame. However, no work has been done so far on
studying the potential of high post-yield stiffness frames with structural fuses.
Strategy Advantages Limitations
Structural fuses - Damage reduction in main No residual drift minimisation
structural members
- Improved energy dissipation
Post-tensioned - Residual drift minimisation - Complex design, manufacture,
- Damage reduction in main and erection
structural members - Expensive maintenance
High post-yield - Residual drift minimisation No damage reduction in main
stiffness - Simple structural details structural members
Table 2.2. Review of design strategies for increased seismic resilience
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2.5 Conclusions
This chapter provided a review of the conventional approaches used for the
design of steel structures and presented the latest strategies developed to
improve their seismic resilience. The following conclusions are drawn:
• Conventional seismic-resistant steel frames designed according to current
seismic provisions prevent collapse, and ensure life safety under the
design earthquake. However, two major drawbacks are the significant
permanent deformations in main structural members and the large
residual storey drifts experienced after a strong seismic event.
• Socio-economic losses due to damage in structural members include high
repair costs and excessive disruption to building occupation. Residual
storey drifts may pose further complications. Recent studies on the
economic impact of residual drifts showed that direct and indirect repair
costs are not financially viable when residual drifts are greater than a
repairability limit of 0.5%.
• Resilient-based design strategies aim at ensuring residual drifts below the
repairability limit of 0.5% under the DBE, and a probability of collapse well
below 10% under the MCE.
• Steel framing systems with structural fuses, i.e., energy-dissipating devices
designed to be easily replaceable after a major earthquake, experience
minimal plastic deformations in the main structural members under the
DBE, since damage is concentrated in the fuses.
• Self-centering frames with post-tensioning technology are efficient in
minimising residual drifts, but they introduce complexity in design,
manufacture, and erection, and require high maintenance costs.
• Another approach for reducing residual drifts is increasing the post-yield
stiffness of the structure. This can be achieved by increasing the post-yield
stiffness of individual elements, or by introducing a secondary MRF in
parallel with the primary seismic-resistant system.
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• Design strategies combining high post-yield stiffness with the use of
structural fuses can potentially minimise both the impact of structural
damage and residual drifts after a major earthquake.
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Chapter 3
Dual CBF-MRF System Concept and Prototype
Building Design
3.1 Introduction
This chapter introduces the concept and design of a novel steel frame for
enhanced seismic resilience. The proposed system is an MRF equipped with
concentric braces, denoted as dual CBF-MRF. To reduce residual drifts and
minimise damage in the main structural members, the system uses simple
structural details: (a) braces equipped with high post-yield stiffness
energy-dissipating devices; and (b) structural fuses in the beams. A 6-storey
prototype building is designed using as seismic resistant system the proposed
CBF-MRF. The frame is designed to have similar strength and stiffness of a
conventional MRF coupled with BRBs (BRBF-MRF), following a perfomance-
based seismic design procedure and capacity design rules.
This chapter has been published in Baiguera et al. (2016).
3.2 Steel dual CBF-MRF
Figure 3.1a shows the configuration of the proposed dual CBF-MRF.
Energy-dissipating stainless steel pins, named as SSPs, are placed in series with
the concentric braces, and structural fuses are installed in the beams.
The SSPs are installed at one end of the braces and pass through aligned
holes between the gusset plate, welded to the beam and column, and a strong
U-shaped plate, connected by either welding or bolting to the brace member
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Figure 3.1. Geometry of the proposed dual CBF-MRF: (a) frame overview; (b) detail
of brace-column connection with SSPs; and (c) beam fuse detail
(Figure 3.1b). SSPs are hourglass-shaped pins made of duplex stainless steel,
which dissipate energy due to bending inelastic deformations. The hourglass
shape promotes a constant curvature profile and a uniform distribution of
plastic deformations to delay fracture and increase energy dissipation. Similar
hourglass-shaped pins made of high strength steel (WHPs) have been
previously used by Vasdravellis et al. (2013) in the post-tensioned connection
described in Section 2.4.2, where they provided stable hysteresis and high
fracture capacity. A further experimental investigation by Vasdravellis et al.
(2014) compared the cyclic behaviour of WHPs made of high-strength steel and
two grades of stainless steel, i.e. austenitic grade 304 and duplex stainless steel
(SSD). The results showed that the WHPs made of SSD have excellent energy
dissipation capacity and high post-yield stiffness, indicating the potential
benefits of using SSPs made of SSD for the proposed CBF-MRF.
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Replaceable fuses are placed in the main beams immediately after the gusset
plates, where plastic hinges are expected to develop, as shown in Figure 3.1a.
They are designed following the same concept of the replaceable link proposed
by Shen et al. (2011), as presented in Section 2.4.1. The fuses are I-sections smaller
than the main beam, and are welded on strong end-plates bolted to the main
beam (Figure 3.1c).
The dual CBF-MRF frame aims: a) to provide high initial stiffness, which
controls storey drifts and, thus, damage in drift-sensitive non-structural
elements; b) to eliminate damage in main structural members, by concentrating
plastic deformations in the SSPs and the beam fuses; and c) to minimise residual
drifts, due to the high post-yield stiffness of the SSPs combined with the elastic
deformation capacity of the MRF.
The proposed system is designed to have stiffness and strength similar to a
conventional dual system with BRBs. This design choice is based on the
assumption that bracing members with SSPs have a comparable seismic
response to the BRBs, in terms of initial stiffness, yield strength, and hysteresis.
Therefore, a prototype building is first designed using as seismic resistant
system the conventional BRBF-MRF, and then the proposed CBF-MRF.
3.3 Prototype building
The prototype building is a 6-storey office building. Figure 3.2a shows the plan
view having three 6-m bays in each direction. The inter-storey height is 3 m.
Seismic resistance is provided by the perimeter frames, whereas the interior
frames support gravity loads only. Figure 3.2b shows the elevation of the
perimeter frame selected for the design of the dual systems.
The gravity loads for the prototype building, listed in Table 3.1, are based on
the characteristic values specified in EC1 (2004) and Accelor Mittal (2008).The
total dead load is equal to 4.9 kN/m2, while the imposed load is equal to 3.5
kN/m2 for a typical floor and 1.5 kN/m2 for the roof. The design basis
earthquake (DBE) has a return period of 475 years, and it is expressed by the
elastic response spectrum of EC8 (2004) with a PGA equal to 0.36 g and soil type
B. The total seismic mass is 4695 kN.
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Figure 3.2. Prototype building: (a) plan view; and (b) elevation of a perimeter
frame
Type of load Description Value
Dead load Concrete slab 2.6 kN/m2
Steelwork 0.5 kN/m2
Facade 8 kN/m
Imposed load Office 2.5 kN/m2
Partitions 1.0 kN/m2
Roof 1.5 kN/m2
Table 3.1. Summary of gravity loads for the prototype building
3.4 Design of the dual BRBF-MRF
The conventional dual BRBF-MRF consists of a moment-resisting frame with
BRBs acting as the primary seismic-resistant system. All-steel BRBs are used; the
inner steel core plate, restrained by a steel casing, yields in tension and
compression. The inner BRB geometry (Figure 3.3) consists of a
energy-dissipating core (length L0 and area A0), a connection area (L1, A1), a
stiffened section (L2, A2), and a tapered section (L3, A3).
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Figure 3.3. BRB core geometry
Currently, EC8 (2004) does not include BRBFs among the main
seismic-resistant steel frames. Nevertheless, the BRBFs can be designed to EC8
(2004) following the provisions for CBFs, since the seismic forces are mainly
resisted by axially loaded members in both systems. However, adjustments
factors should be introduced in the capacity design requirements of the main
structural members to account for the different response of BRBs.
The dual BRBF-MRF is expected to provide a highly ductile response and,
therefore, a behaviour factor q = 7 is assumed. EC8 (2004) specifies q = 5αu/α1 for
comparable highly ductile systems (e.g., MRFs and EBFs), where αu/α1 is a factor
accounting for the dissipation capacity and ductility of a system, and should not
exceed 1.6 (Elghazouli 2009). For the design of the dual BRBF-MRF, αu/α1 = 1.4 is
used. Using the approach proposed in EC8 (2004) (Cl. 4.3.2.2) and a fundamental
period of vibration of the structure of 0.77 sec, the total base shear is 400 kN.
A linear elastic analysis using the estimated seismic loads is carried out using
the SAP software (Computers and Structures Inc. 2005). The global stiffness of the
BRB (KBRB) is given by the axial stiffnesses of the various sections (Ki) working
in series, as expressed in Eq. (3.1):
KBRB =
1
Σ 1
Ki
(3.1)
The yield force of the BRB Fy,BRB is calculated as:
Fy,BRB = fy · A0 (3.2)
where fy is the yield strength of the core (300 MPa).
Beams and columns are designed using capacity design requirements
specifically adjusted to account for the typical hysteresis of BRBs. Under cyclic
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loading, BRBs typically exhibit high strain-hardening and larger compressive
forces than in tension. The adjustment factors proposed by ANSI/AISC 341/10
(2010) are used in this study: these are the strain hardening factor ω and the
compression strength factor β. For capacity design, the total overstrength Ωtot is
therefore calculated as:
Ωtot = 1.1γovωβΩ (3.3)
where γov is the material overstrength factor (γov = 1.25), and Ω is the lowest
Fy,BRB/NEd value, NEd being the axial seismic demand in the BRB. The
adjustment factors ω and β are typically obtained from testing or provided by
the manufacturer; this study adopts the following values from literature: ω =
1.25 and β = 1.2 (Romero et al. 2007, Bruneau et al. 2011). The steel yield stress
for columns and beams is assumed equal to 275 MPa.
EC8 (2004) imposes a serviceability limit on peak storey drifts, θs,max, under
the frequently-occurred earthquake (FOE). In this study, the limit on θs,max is 0.5%,
which corresponds to the lower bound set for non-ductile structural elements.
Storey Column Beam BRB core cross-section area Fy,BRB KBRB
(mm2) (kN) (N/mm)
6 HEB400 IPE330 500 150 30,000
5 HEB400 IPE330 1,100 330 59,000
4 HEB400 IPE330 1,530 460 80,000
3 HEB400 IPE330 1,900 570 100,000
2 HEB500 IPE330 1,950 585 108,000
1 HEB500 IPE330 1,950 585 108,000
Table 3.2. Design details of the conventional BRBF-MRF
Table 3.2 lists the final sections obtained for the BRBF-MRF following an
iterative design procedure to satisfy the storey drift limits and capacity design
requirements. The amplified overstrength factors led to large column sections.
The MRF carries about 25% of the total base shear of the frame. This proportion,
determined by performing pushover analysis using either the dual BRBF-MRF
and the MRF only, is in accordance with the 25% rule identified in previous
studies on the design of dual BRBF-MRFs (Kiggins & Uang 2006, Sahoo & Chao
2015). The estimated maximum peak storey drift θs,max is 0.48% under the FOE,
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0.96% under the DBE, and 1.44 % under the MCE.
3.5 Design of the dual CBF-MRF
The proposed CBF-MRF has the same beam and column cross-sections as the
BRBF-MRF, and the BRBs are replaced by HEA300 sections connected in series to
the SSPs.
3.5.1 Design of bracing members with SSPs
Bracing members with SSPs are designed to provide initial elastic stiffness and
yield force comparable to the BRBs of the BRBF-MRF. An iterative design
procedure based on analytical and numerical predictions is used.
+
-
+[V]
[M]
Ext. part
Symm.
Ext. part Internal part
Figure 3.4. Stainless steel pin (SSP): geometry, deflection, elastic bending moment
and shear diagram
SSPs are made of two hourglass-shaped bending parts. The geometric
properties of the bending part are shown in Figure 3.4. The internal bending
parts have length LSSP, maximum diameter De, and minimum diameter Di at
mid-length.
Preliminarily, the design of the SSPs is carried out using the analytical
equations proposed in Vasdravellis et al. (2013) for WHPs. The assumed static
system for the bending part assumes fixed boundary conditions at the sections
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of diameter De. The yield force of half of a SSP, VSSP, is controlled either by the
plastic moment of resistance, Mpl, or the plastic shear resistance, Vpl (EC3 2003):
Mpl =
(
D3e
6
)
fy,SSP (3.4)
Vpl = 0.9
piD2i
4
fy,SSP/
√
3 (3.5)
where fy,SSP is the yield strength of the SSP material. To avoid that the Mpl is
reached at the ends before the Vpl is reached at the mid-length, the following
condition must be satisfied:
VSSP =
2Mpl
LSSP
< Vpl (3.6)
The yield force of a SSP, Fy,SSP, is then calculated as:
Fy,SSP = 2VSSP (3.7)
The elastic stiffness Kfe of a SSP is given by:
Kfe = 2β
9piD3eDiEG
(40ED2eLSSP + 48GL
3
SSP)
(3.8)
where E is the modulus of elasticity and G is the shear modulus of the SSP
material. β is a parameter that accounts for the additional flexibility due to local
yielding in the supporting plates observed in the experimental validation
(Vasdravellis et al. 2013) and is equal to 0.5. In the proposed system, a defined
number of SSPs (nSSP), working in parallel to each other, are placed in series with
the brace, and, therefore, the yield force Fy,tot and the global stiffness Ktot of the
energy-dissipating braces are calculated as follows:
Fy,tot = nSSP Fy,SSP (3.9)
1
Ktot
=
1
KSSPs
+
1
Kbrace
=
1
nSSP Kfe
+
1
EAbrace
Lbrace
(3.10)
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where KSSPs is the stiffness of all SSPs, and Kbrace is the stiffness of the bracing
member having length Lbrace and cross-sectional area Abrace. Strong HEA 300
sections are used to ensure that the braces remain elastic. The yield strength of
the SSD is equal to 540 MPa, based on the coupon test results from Vasdravellis
et al. (2014). The yield force Fy,tot and global stiffness Ktot are initially calculated
using the above equations.
To verify the accuracy of the analytical predictions, three-dimensional FEM
models of the SSPs are developed using experimentally-validated parameters
for the SSD material, which are described in detail in Section 4.2.1. The
comparison between the analytical and numerical strength and stiffness values
is shown in Table 3.3. It can be observed that there is a good correlation between
the analytical and numerical global stiffness of the bracing members, but a
substantial overestimation in the corresponding analytical Fy,tot values. This
indicates that the plastic mechanism controlling the response of the SSPs is
different from that of the WHPs. In fact, as shown by the FEM simulations and
later confirmed by the experimental tests on full-scale SSPs, presented in
Chapter 5, the formation of plastic hinges occurs in the middle of half bending
part. A modification of the analytical model, taking into account the exact plastic
mechanism of SSPs, will be discussed in Section 5.7.3. At this stage, the design of
the CBF-MRF employs the numerical predictions for Fy,tot and Ktot values.
SSP Geometry Analytical Eqs. FEM
Storey nSSP De Di LSSP Fy,tot Ktot Fy,tot Ktot uy
(mm) (mm) (mm) (kN) (N/mm) (kN) (N/mm) (mm)
6 4 36 18 210 320 39,500 240 42,000 5.4
5 4 42 24 230 464 60,900 350 59,000 5.6
4 4 50 24 230 780 94,150 540 80,000 6.3
3 4 50 24 225 800 99,200 580 80,000 6.5
2 6 46 22 215 972 118,400 650 108,000 5.5
1 6 46 22 215 972 118,400 650 108,000 5.5
Table 3.3. Design details of SSPs and comparison between analytical and numerical
strength and stiffness of the CBF-MRF bracing members
In the design process, to maximise the fracture capacity of SSPs, their
geometry is designed in such a way that they provide the stiffness and yield
force required by the seismic design while they have yield displacement as large
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as possible. As shown by the experimental tests by Vasdravellis et al. (2014), the
SSPs under cyclic loading can achieve a ratio of fracture displacement to yield
displacement of ten. Therefore, increasing the yield displacement allows the SSP
to sustain larger imposed displacements. This can be easily achieved with
different combinations of De, Di and LSSP. For the proposed frame, the yield
displacement of each SSP geometry used on each floor is given in Table 3.3.
The SSPs are designed so that the CBF-MRF has a fundamental period of
vibration comparable to that of the BRBF-MRF (i.e., 0.75 s to 0.77 s). As can be
seen from Tables 3.2 and 3.3, the bracing members with SSPs have strength and
stiffness similar to those provided by the BRBs.
The CBF-MRF is expected to exhibit high post-yield stiffness as a result of the
SSD material behaviour. To meet capacity design requirements and avoid
undesirable column failures due to high post-yield stiffness, friction pads are
placed between the brace members and the beam gusset plate at the top of each
floor, as indicated in Figure 3.1. The friction pad is activated, i.e. it yields, at a
predefined storey drift level, and it has an elastic perfectly plastic
force-displacement behaviour to ensure that the structure meets the capacity
design requirements. The predefined storey drift level in the dual frame is 3%,
as identified by the nonlinear pushover analysis conducted in Section 4.4, i.e.,
two times larger than the drift expected under the MCE.
3.5.2 Beam fuse design
The replaceable end-plate link concept of Shen et al. (2011), presented in Section
2.4.1, is considered for the design of the beam fuse. Plastic deformations are
intended to concentrate in the beam fuse, thus protecting the beam and the
beam-column connection from yielding. The geometric details of the beam fuse
are shown in Figure 3.5, where the beam is weakened at a distance S from the
column face.
The beam fuse is designed according to the procedure presented in Shen et al.
(2011). The geometry of the beam fuse is defined by the length lfuse, the distance
from the gusset plate a, and the fuse depth dfuse. The beam fuse size is subject to
the limits expressed by:
0.5 bbeam ≤ a ≤ 0.75 bbeam (3.11)
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0.65 dfuse ≤ lfuse ≤ 0.85 dfuse (3.12)
where bbeam is the width of the main beam section.
Brace
Beam fuse (IPE 270)
IPE 330
୤୳ୱୣ
୤୳ୱୣ
HEB 400
Gusset plate
U-shaped plate
Figure 3.5. Beam-column connection with the beam fuse of the dual CBF-MRF
Limits on the plastic moment ratio for the beam fuse are defined on the basis of
limits on the flange cut recommended for RBS connections in ANSI/AISC 358/10
(2010). The limits on the plastic moment ratio are:
0.6 ≤ Mpl,fuse
Mpl,beam
≤ 0.85 (3.13)
where Mpl,fuse and Mpl,beam are the plastic moments of the beam fuse and the main
beam, respectively.
The maximum moment at the face of the column, Mmax,col, must satisfy the
condition:
Mmax,col =
L
L− S Mpl,fuse ≤Mpl,beam (3.14)
where L is half the beam length. The above design procedure results in IPE270
sections for the beam fuses on each floor of the prototype building. Table 3.4 gives
the geometric details of the beam fuse.
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Section bbeam dfuse lfuse a S Mpl Mmax,col
Mpl,fuse
Mpl,beam
(mm) (mm) (mm) (mm) (mm) (mm) (kNm) (kNm)
Fuse IPE270 − 270 200 100 800 145 − 0.6
Beam IPE330 160 − 42 − − 241 198 −
Table 3.4. Design details of the beam fuse of the dual CBF-MRF
3.5.3 SSP-gusset plate connection design
The thickness of the lower gusset plates and the U-shaped plates (Figure 3.1b) is
determined according to the design rules presented in Vasdravellis et al. (2014). In
order to resist the bearing force Fy,SSP from an SSP without yielding, the minimum
required thickness of the gusset plates tgus,min and U-shaped plates tsp,min are given
by:
tgus,min =
0.35 Fy,SSPE
f 2y,gus kd
(3.15)
tsp,min =
3, 546 Mpl
(38, 809F 2y,SSP + 40Mplkdfy,sp)
0.5 − 197Fy,SSP (3.16)
where fy,gus and fy,sp are the yield strengths of the gusset plate and the U-shaped
plate (275 MPa), respectively. kd is a factor accounting for the clearance between
the SSPs and the drilled holes in the U-shaped plates. In addition, the gusset and
U-shaped plates are verified against buckling by using the strip column method
proposed by Thornton (1984). The design results in gusset plates with thickness
equal to 40 mm and U-shaped plates with thickness equal to 50 mm. The top
gusset plates, i.e. those at the connection of the braces with the beam of the upper
floor, are designed using the EC3 (2003) procedure, which results in 40 mm thick
plates.
3.6 Concluding remarks
In this chapter, a dual steel system (CBF-MRF) consisting of a moment-resisting
frame equipped with high post-yield stiffness braces and replaceable beam fuses
was designed for improved seismic resilience. High post-yield stiffness is
achieved by using duplex stainless steel pins, denoted as SSPs, placed in series
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with the braces.
A 6-storey prototype building was designed using as seismic-resistant
system either the proposed dual CBF-MRF or a conventional dual BRBF-MRF.
The proposed frame was designed with similar strength and stiffness to the dual
BRBF-MRF, following the seismic provisions of EC3 (2003) and EC8 (2004).
Appropriate capacity design rules were adopted in the design of the dual
frames. The seismic performance of the proposed and conventional dual
systems is numerically evaluated in Chapter 4.
38
Chapter 4
Numerical Evaluation of the Dual CBF-MRF Seismic
Performance
4.1 Introduction
This chapter presents the numerical evaluation of the seismic performance of the
proposed dual CBF-MRF. For this purpose, nonlinear finite element (FEM)
analyses are performed using the Abaqus software (Dassault Syste`mes 2014).
Two FEM models of the CBF-MRF are employed: a detailed three-dimensional
model, based on the use of solid and shell elements, to study both the local and
global behaviour of the system and to identify all possible failure modes
through nonlinear monotonic and cyclic pushover analyses; and a simplified
version of the detailed model, based on the use of beam elements, to evaluate
the global seismic response of the structure through nonlinear static and
dynamic analyses. The nonlinear dynamic analyses are performed using a set of
22 earthquake records scaled to three different seismic intensities. The hysteretic
behaviour of the seismic devices, i.e., the SSPs and the beam fuses, is calibrated
using available experimental data.
The results of the nonlinear static and dynamic analyses of the CBF-MRF are
compared with those obtained for the conventional BRBF-MRF, for which a
simplified FEM model is developed.
This chapter has been published in Baiguera et al. (2016).
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4.2 Detailed solid-shell FEM model
Figure 4.1 shows the detailed FEM model of the dual CBF-MRF. The geometry
of the central bay of the prototype building perimeter frame (see Figure 3.2) is
reproduced in full detail. To reduce computational time, both solid and shell
elements are adopted. Beams, columns and bracing members are modelled using
shell elements with reduced integration, namely S4R in Abaqus. The SSPs, gusset
plates, U-shaped plates and beam fuses are modelled using solid elements with
reduced integration, namely C3D8R. Solid-shell coupling constraints are used to
allow for the correct transition of stresses between shell and solid elements. The
friction pads are not modelled since the detailed model is employed to study the
frame response for roof drifts up to 3%, i.e., the drift level at which the friction
pads yield.
Beam fuse
SSPs
Stub beam
Le
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Figure 4.1. View of the detailed solid-shell FEM model of the CBF-MRF
To account for P-∆ effects from the gravity frame of the prototype building, a
lean-on column is added and truss elements are used to link it to the frame. The
moment of inertia and area of the lean-on column are the sum of the moments of
inertia and areas of all gravity columns. Figure 4.2a shows the mesh
discretisation used. The mesh density is refined in the regions of the frame
where plastic deformations are expected to develop, i.e. the SSP-gusset plate
connections and the beam fuses, based on sub-models of these regions, as
described in the next sections.
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Figure 4.2. Detailed solid-shell FEM model of the dual CBF-MRF: (a) mesh
discretisation; and (b) interaction and constraint definitions
Surface-based tie constraints, which impose equal displacements among the
nodes of two surfaces, are defined between all welded regions, i.e., the
beam-column connections, the end-plates welded to the beam fuses, the
U-shaped plates welded to the bracing members, and the gusset plates welded
to the beam and column flanges, as indicated in Figure 4.2b. Surface-to-surface
contact interactions are defined between the external surfaces of the SSPs and
the holes of the U-shaped plates and gusset plates. This requires the definition of
a master and a slave contact surface. The choice of the master and slave surface
is made considering the mesh discretisation, i.e., the surface with the coarser
mesh was chosen as master surface because it results in a smoother solution
(Dassault Syste`mes 2014). A contact property with normal and tangential
behaviour is defined, assigning a friction coefficient of 0.2. The diaphragm
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action of the slab is simulated by a linear equation constraint, imposing equal
horizontal displacements on the nodes of the top flanges of the beam.
The yield stress of the main structural members is 275 MPa and the yield
stress of the SSD material of the SSPs is 540 MPa. An elastoplastic material with
isotropic hardening behaviour is defined for the main structural members.
4.2.1 Calibration of cyclic hardening parameters for SSPs
The material properties of the SSPs are calibrated using the experimental results
reported in Vasdravellis et al. (2014). In that study, several cyclic tests on pins
made of high-strength or stainless steel (named as WHPs) were carried out
using the testing apparatus shown in Chapter 2 (Figure 2.12b). Figure 4.3a
shows the three-dimensional FEM model that was developed in Vasdravellis
et al. (2014) to simulate the hysteretic response of the steel pins. That model is
used to calibrate the material parameters of the SSD material. Only half of the
WHP is modelled due to its symmetric geometry. Both the WHP and the
supporting plates are discretised using C3D8R elements. In order to capture the
pinching behaviour at zero force observed in the experimental curve (Figure
4.3b) due to the slip of SSPs within the surrounding holes, a small clearance of
0.1 mm is left between the cylindrical external surfaces and the holes of the
U-shaped plates, where surface-to-surface contact interactions are defined. The
cyclic loading protocol described in ANSI/AISC 341/10 (2010) is applied to
reproduce the corresponding test in Vasdravellis et al. (2014).
Displacement-controlled analysis is conducted under quasi-static loading
conditions in the large displacement/strain nonlinear regime, along with
automatic stabilisation in order to overcome numerical issues related to the
contact interactions.
The hysteretic behaviour of SSPs is simulated by an elastoplastic material
model with combined isotropic and kinematic hardening. The material model is
defined by the yield surface ϕ(σ) defined as (Dassault Syste`mes 2014):
ϕ(σ) =
√
3
2
(S −α)t(S −α)− σ0 (4.1)
where σ0 is the yield stress, t is the transposition operation, S is the stress
deviator, σ is the stress vector and α is the backstress vector. The hardening
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Figure 4.3. Calibration of SSP hysteretic behaviour: (a) FEM model of half of a
WHP from Vasdravellis et al. (2014); and (b) experimental and numerical hysteresis
under the ANSI/AISC 341-10 loading protocol
laws for each backstress are defined as:
α =
B∑
k=1
αk (4.2)
α˙k =
Ck
σ0
(σ −α) ˙¯εp − γkαk ˙¯εp (4.3)
where a superimposed dot indicates an incremental quantity, B is the total
number of the backstresses, Ck and γk are the constitutive material parameters to
be calibrated against the experimental results, and ˙¯εp is the equivalent plastic
strain rate. Figure 4.3b shows that a good agreement is found with the
experimental cyclic force-displacement curve reported in Vasdravellis et al.
(2013) using B = 1, σ0 = 500 MPa, C1 = 11,000 MPa, and γ1 = 40. These values are
iteratively determined by using a trial and error method.
4.2.2 Calibration of cyclic hardening parameters for the beam fuse
To ensure that the numerical model for the fuse is reliable and capable of
capturing the deterioration of stiffness and strength due to buckling
phenomena, the material parameters are calibrated against the experimental
results of full-scale tests on a beam-column connection with a replaceable link
reported by Shen et al. (2011). The tested specimen is reproduced in Abaqus
using the same modelling features as for the whole frame model, i.e. shell (S4R)
elements for the beam and column, and solid (C3D8R) elements for the fuse.
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Figure 4.4. Beam fuse calibration: (a) local flange and web buckling in the
replaceable link (deformed shape and PEEQ distribution at 175 mm beam tip
displacement); and (b) numerical results compared against the experimental
behaviour of the replaceable link from Shen et al. (2011)
Similar to the calibration procedure presented in the previous section, the
constitutive material parameters of the fuse are identified iteratively by
conducting several simulations. Figure 4.4a shows that the FEM model is
capable of capturing the buckling of the replaceable link, and Figure 4.4b shows
that a good correlation between the experimental and the numerical results is
achieved adopting the following values for the combined hardening parameters
[see Eqs. (4.1-4.3)]: B = 1, σ0 = 390 MPa, C1 = 4,000 MPa, and γ1 = 80.
4.3 Simplified beam-solid FEM model
The central bay of the prototype building perimeter frame is modelled using a
simplified modelling approach and the response is compared against the
pushover results of the detailed model. In the simplified version of the
numerical model, beams and columns are modelled using two-node linear beam
elements, namely B31 in Abaqus. A lean-on column is added to the frame to
account for P-∆ effects from the gravity frame using the same modelling
features described for the detailed model. Figure 4.5 shows the simplified
model, with a detailed view of the second storey. Beam-column and brace-beam
connections are modelled using appropriate multi-point constraints. The
diaphragm action of the slab is simulated by a linear equation constraint,
imposing equal horizontal displacements to the nodes of the beams.
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Figure 4.5. View of the simplified beam-solid FEM model of the dual CBF-MRF
To capture the local buckling and the strength and stiffness deterioration due
to cycling inelastic loading, the fuses and the end plates bolted on the fuses are
modelled using C3D8R solid elements. Appropriate multi-point constraints are
defined between the beam elements and the fuse end plates to allow for the
correct transition of stresses. To evaluate the accuracy of this more simplified
model, a beam-column sub-model is constructed and calibrated against the
results by Shen et al. (2011). Figure 4.6a shows the beam-solid sub-model and
Figure 4.6b illustrates that it can still capture the experimental
force-displacement hysteresis with acceptable accuracy by using the same
material parameters adopted for the more detailed model of the beam fuse.
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Figure 4.6. Beam-column connection with the beam fuse: (a) view of the beam-
solid FEM sub-model; (b) comparison of numerical force-displacement response
with the experimental results from Shen et al. (2011)
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Figure 4.7. Connector model of SSP: (a) definition; and (b) comparison of the
connector response with the experimental WHP behaviour from Vasdravellis et al.
(2013), under the ANSI/AISC 341-10 loading protocol
The SSPs and the friction pads are modelled using nonlinear connector
elements. As shown in Figure 4.7a, connectors are spring-like elements with an
elastoplastic force-displacement law. For the connectors modelling the friction
pads, an elastic perfectly plastic force-displacement law is defined. The cyclic
hardening parameters of the connectors modelling the WHPs are calibrated
based on tests and additional FEM analyses, as follows. First, the experimental
force-displacement response of an SSP, given in Vasdravellis et al. (2014), is used
to define the response parameters of the connector element as ’half-cycle’ data.
This force-displacement law definition is convenient if the experimental data is
available because it can capture the combined isotropic-kinematic hardening
without the need for iterative simulations. Figure 4.7b shows the
force-displacement comparison of a connector element with a tested WHP made
of SSD from Vasdravellis et al. (2014) under the ANSI/AISC 341-10 loading
protocol and indicates that connectors are effective in modelling the cyclic
response of the steel pin. The pinching behaviour at zero force observed in the
tests is not captured due to the more simplified uniaxial nature of the connector
element behaviour.
Subsequently, for each SSP geometry used in each storey of the prototype
frame, a detailed solid sub-model of the SSP-gusset plate connection is
constructed using a refined mesh discretisation, as shown in Figure 4.8a. Each
sub-model is subjected to the ANSI/AISC 341-10 cyclic loading protocol using
the material hardening parameter calibration adopted in the detailed model.
The resulting hysteretic response is extracted and used as input for a half-cycle
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in the force-displacement law definition of the corresponding connectors. A
typical comparison between the detailed sub-model and a connector element is
shown in Figure 4.8b. Taking into account that three-dimensional effects (i.e., the
pinching effect and plate deformability) cannot be captured by a connector
element, the agreement is considered acceptable.
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Figure 4.8. SSP-gusset plate connection: (a) FEM solid sub-model; and (b)
comparison between cyclic responses of the solid sub-model and the connector
model
To compare the seismic performance of the proposed CBF-MRF with that of
the BRBF-MRF, a simplified model of the dual BRBF-MRF is also constructed.
The geometry is identical to the beam-solid model of the dual CBF-MRF, but the
SSPs are removed and concentric BRBs are used to resist the lateral force. The
BRBs are modelled as connector elements with elastoplastic behaviour, assuming
a post-yield stiffness ratio of 0.01 based on component test results reported in
Ariyaratana & Fahnestock (2011).
4.4 Nonlinear static analyses
This section presents the results of nonlinear static monotonic and cyclic
analyses for the proposed CBF-MRF and the conventional BRBF-MRF. A
comparison between the detailed and simplified models of the dual CBF-MRF is
provided.
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4.4.1 Nonlinear monotonic static analysis
Nonlinear monotonic static (pushover) analyses on the dual CBF-MRF are
performed using both the detailed model and the simplified model. A triangular
pattern of the lateral forces based on the height-wise mass distribution is used
for the pushover analyses. A comparison of the base shear coefficient, i.e. V
normalised by the seismic weight (W ) of the building, versus roof drift, i.e. the
roof horizontal displacement over the height of the building denoted as θr,
responses of the two models is shown in Figure 4.9 and demonstrates a very
good agreement between the two modelling techniques. The curve
corresponding to the simplified model has a plateau at 3% roof drift, because of
the activation of the friction pads, as intended. Figure 4.10 shows contour plots
of the equivalent plastic strain on the deformed shapes of the SSP-gusset plate
connection and the beam-column-fuse region at θr = 1.35% (i.e. the roof drift
expected under the MCE) and θr = 3%. The results show that the beams,
columns and braces are damage-free for roof drifts far beyond those expected
under the MCE, whereas the SSPs and beam fuses are the only elements that
experience plastic deformations.
A comparison between the dual CBF-MRF and the conventional BRBF-MRF is
performed using the simplified models. The base shear coefficient versus the roof
drift responses of the dual frames are compared in Figure 4.11. The target FOE,
DBE and MCE roof drifts are indicated on the graphs, along with the sequence
of the failure modes of the two frames. For the proposed dual CBF-MRF, the
failure modes and corresponding roof drift levels are: SSP yielding at θr = 0.25%;
beam fuse yielding at θr = 0.4%; and column base yielding immediately above
the base gusset plates at θr = 0.65%. For the conventional BRBF-MRF, the failure
modes and corresponding roof drift levels are: BRB yielding at θr= 0.3%; beam
fuse yielding at θr = 0.45%; and column base yielding at θr = 0.64%. The two
systems have comparable initial stiffness and similar base shear strength at first
yield. The BRBF-MRF responds inelastically due to yielding of the BRBs, whereas
the dual CBF-MRF yields due to yielding of SSPs and the beam fuses. However,
the proposed dual CBF-MRF shows significantly higher post-yield stiffness. This
is entirely attributed to the increased post-yield stiffness of the SSPs. As a result
of the high post-yield stiffness, the dual CBF-MRF exhibits a considerably higher
over-strength ratio (defined as the base shear at a given drift divided by the first
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yield base shear) than the BRBF-MRF. The over-strength ratios at the DBE level
are 1.24 and 1.75 for the BRBF-MRF and the dual CBF-MRF, respectively.
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Figure 4.9. Comparison of base shear coefficient-roof drift behaviour between
simplified and solid FEM models of the dual CBF-MRF from nonlinear monotonic
static analysis
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Figure 4.10. Equivalent plastic strain (PEEQ) distribution: (a) connection with SSPs;
and (b) beam-column connection with the beam fuse
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Figure 4.11. Base shear coefficient-roof drift response from nonlinear monotonic
static analysis on the simplified models: (a) CBF-MRF; and (b) BRBF-MRF
The SSP fracture is not modelled explicitly, but it is crucial for the proposed
frame, since it may result in a sudden drop of strength, accelerating the collapse
of the frame. At this preliminary stage, a reasonable assumption on the
likelihood of the SSP fracture is based on the experiments conducted by
Vasdravellis et al. (2014), which showed that SSPs can achieve a ratio of fracture
displacement to yield displacement, i.e. cyclic ductility, at least equal to ten
under the standard seismic loading protocols recommended by ANSI/AISC
341/10 (2010) and FEMA 461 (2007). This observation was consistent for all the
three steel grades and two different geometries of WHPs tested in that study,
where two tests on WHPs made of SSD material achieved a cyclic ductility of ten
and twelve. Under monotonic loading, they reached an ultimate displacement
ratio even greater without fracture. From this, it is conservatively assumed that
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SSPs fracture when they reach a displacement of ten times the yield
displacement. This means that, for example, the SSPs installed on the fourth
storey, having a yield displacement of 6.3 mm, will fracture at an imposed
displacement of 63 mm. However, it should be noted that the assumed fracture
capacity of the SSPs is based on limited experimental data, especially for the SSD
material; for this reason, an experimental programme on full-scale SSPs and
numerical investigation on their ductile fracture are carried out, as described
later in Chapters 5 and 6.
The fracture of SSPs defines another limit state for the dual CBF-MRF,
indicated in Figure 4.11 as ”1st SSP fracture”, i.e. denoting when the
displacement demand exceeds ten times the yield displacement for the first time
in the SSP. The monotonic pushover curve shows that the first SSP will fracture
at θr = 2.5%.
4.4.2 Nonlinear cyclic static analysis
Nonlinear cyclic (push-pull) static analyses are performed on the detailed and
simplified FEM models of the dual CBF-MRF. Displacement-controlled analyses
are performed using a triangular force distribution. The frame is subjected to
three cycles up to the FOE, DBE and MCE target drifts.
The V/W − θr responses obtained from the detailed and the simplified FEM
models are shown in Figure 4.12a. A good agreement is observed between the
responses of the two models, with a slightly lower base shear strength showed
by the simplified model. Therefore, it can be concluded that the simplified FEM
model can be reliably used for nonlinear dynamic analyses.
The cyclic response of the dual CBF-MRF is compared to the one of the
conventional BRBF-MRF resulting from nonlinear cyclic (push-pull) static
analyses. Figure 4.12b shows that both frames show large energy dissipation
capacity. Similarly to the monotonic pushover analyses results, the cyclic
inelastic behaviour of the two systems is noticeably different: the proposed
frame possesses a significantly higher post-yield stiffness than the conventional
frame as a result of the SSD material used for the SSPs.
51
Chapter 4. Numerical Evaluation of the Dual CBF-MRF Seismic Performance
 
-2 -1 0 1 2-0.5
0
0.5
r (%)
V/
W
 
 
Solid
Simplified
(a)
 
-2 -1 0 1 2-0.5
0
0.5
r (%)
V/
W
 
 
BRBF-MRF
CBF-MRF
(b)
Figure 4.12. Cyclic push-pull response: (a) detailed and simplified FEM models of
the dual CBF-MRF; and (b) CBF-MRF and conventional BRBF-MRF
4.5 Nonlinear dynamic analyses
Nonlinear dynamic analyses are conducted to evaluate the dynamic response of
the dual CBF-MRF and the BRBF-MRF. Ground motions are selected from the
FEMA P695 (2008) far-field ground motion database, which includes 22 record
pairs, each with two horizontal components. To reduce the computational cost
of the study, only the direction 1 component is used. The records are selected
without consideration of spectral shape. It is noted that, while the 44 records are
not supposed to present near-fault directivity effects, a recent study by Champion
& Liel (2012) has shown that nine of them have pulses in the velocity history.
The 22 ground motion records (Table 4.1) are scaled to the FOE, DBE and
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No. Earthquake Year Recording Station M Scale factors
FOE DBE MCE
1 Northridge, USA 1994 Beverly Hills 6.7 0.36 0.72 1.08
2 Northridge, USA 1994 Canyon Country 6.7 0.52 1.05 1.58
3 Duzce, Turkey 1999 Bolu 7.1 0.35 0.71 1.06
4 Hector Mine, USA 1999 Hector 7.1 0.96 1.92 2.88
5 Imperial Valley, USA 1979 Delta 6.5 0.61 1.21 1.82
6 Imperial Valley, USA 1979 El Centro Array #11 6.5 0.86 1.72 2.57
7 Kobe, Japan 1995 Nishi-Akashi 6.9 0.45 0.91 1.36
8 Kobe, Japan 1995 Shin-Osaka 6.9 0.58 1.17 1.76
9 Kocaeli, Turkey 1999 Duzce 7.5 0.66 1.33 2.00
10 Kocaeli, Turkey 1999 Arcelik 7.5 1.96 3.89 5.83
11 Landers, USA 1992 Yermo Fire Station 7.3 0.69 1.38 2.07
12 Landers, USA 1992 Coolwater 7.3 0.91 1.81 2.72
13 Loma Prieta, USA 1989 Capitola 6.9 0.39 0.78 1.17
14 Loma Prieta, USA 1989 Gilroy Array #3 6.9 0.69 1.24 1.86
15 Manjil, Iran 1990 Abbar 7.4 0.48 0.97 1.46
16 Superstition Hills, USA 1987 El Centro Imp. Co. 6.5 0.5 1.02 1.53
17 Superstition Hills, USA 1987 Poe Road 6.5 0.85 1.69 2.54
18 Cape Mendocino, USA 1992 Rio Dell Overpass 7.0 0.54 1.08 1.63
19 Chi-Chi, Taiwan 1999 CHY101 7.6 0.50 1.00 1.50
20 Chi-Chi, Taiwan 1999 TCU045 7.6 0.66 1.33 1.99
21 San Fernando, USA 1971 LA - Hollywood Stor 6.6 1.61 3.23 4.85
22 Friuli, Italy 1976 Tolmezzo 6.5 0.82 1.65 2.47
Table 4.1. Ground motion records used for the dynamic analyses
MCE seismic hazard levels, according to the Sa-component scaling procedure.
Spectra of the record set are scaled to match the spectral acceleration for the given
hazard level at the fundamental period of the structure, which is computed using
eigenvalue analysis. Given the similar fundamental periods of the dual frames,
i.e., T = 0.75 s for CBF-MRF and 0.77 s for BRBF-MRF, the ground motions are
scaled using T = 0.75 s.
4.5.1 Nonlinear dynamic analysis modelling
The time history analyses are performed using the simplified FEM models of the
proposed dual CBF-MRF and the conventional BRBF-MRF. To take into account
the seismic masses of the perimeter frame, the two external bays are also
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included in the models along with the corresponding gravity loads. The mass is
calculated on the basis of the dead plus one-third live load combination.
Additional lumped masses are assigned to the beam elements to account for the
total tributary mass to the perimeter frame. Beam elements with pinned
beam-column connections are used to define the additional bays. The dynamic
analyses are performed using the implicit dynamic algorithm of Abaqus
(Dassault Syste`mes 2014). The Hilber-Hughes-Taylor method is used by default
to integrate the dynamic equations along with a Newton-like method to trace
the nonlinear solution within a time step. The maximum time step is set ten
times smaller than the input time step of the accelerogram to allow for an
accurate estimation of the nonlinear response. Rayleigh damping equal to three
percent of the critical damping is assigned to the first and second modes of the
structures, following the approach recommended in Zareian & Medina (2010). A
nonlinear load-controlled static analysis under gravity loads is first performed,
and then the nonlinear dynamic time history analysis for each ground motion is
executed. Each dynamic analysis is extended well beyond the actual earthquake
time to allow for damped free vibration decay and accurate calculation of
residual drifts.
4.5.2 Nonlinear dynamic analysis results
Figure 4.13 shows the obtained θr time histories of the dual CBF-MRF and
BRB-MRF under the no. 16 record scaled to the DBE and MCE ground motions.
Comparison of the response time histories reveals a significant difference in the
residual drift values between the two systems. It is seen that, at the end of the
ground motion, the BRBF-MRF oscillates and finds static equilibrium with
appreciable residual drifts, whereas the dual CBF-MRF has a clear tendency to
re-centre. While both systems experience a θs,max of approximately 1% under the
DBE, the BRBF-MRF has a maximum residual drift θs,res,max of 0.4%, whereas the
proposed CBF-MRF has a negligible θs,res,max of 0.09%. Under the MCE ground
motion, the BRBF has θs,max = 1.88% and θs,res,max = 1.07%, while the
corresponding values of the dual CBF-MRF are 1.56% and 0.38%. It is concluded
that, under this particular accelerogram, even though the two systems
experience similar peak storey drifts, the higher post-yield stiffness of the
proposed frame results in a drastic reduction of residual drifts, avoiding repair
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Figure 4.13. Roof drift time histories of the CBF-MRF and BRBF-MRF under no. 16
ground motion scaled to the DBE and MCE seismic hazard levels
and disruption even after the MCE record. In addition, the integrity of the main
structural members is preserved as damage is concentrated in the SSPs and the
beam fuses. Figure 4.14 shows the deformed shape of the connection with the
beam fuse under no. 16 record scaled to MCE, where the equivalent plastic
strain contours are shown for the peak imposed deformation. The results clearly
indicate that plastic deformations (damage) are concentrated only in the
replaceable beam fuse.
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Figure 4.14. Equivalent plastic strain (PEEQ) distribution: beam-column
connection with beam fuse under no. 16 record scaled to the MCE seismic hazard
level (idealised beam element profiles are displayed)
Figure 4.15 shows the statistics of the storey drifts (θs) and residual drifts
(θs,res) throughout the height of the dual CBF-MRF under the FOE, DBE and
MCE records, in terms of mean (m), median, and mean plus standard deviation
(m+σ) values. Similar statistics are shown in Figure 4.16 for the BRBF-MRF
under the DBE and MCE records. The θs,max and θs,res,max values typically occur in
the third storey for the dual CBF-MRF and in the sixth storey for the BRBF-MRF.
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Figure 4.15. Statistics of response profiles of the CBF-MRF under 22 earthquake
ground motions scaled to the FOE, DBE and MCE seismic hazard levels: (a) peak
storey drifts; and (b) residual storey drifts
Comparison of the graphs in Figures 4.15 and 4.16 reveals that, while the
storey drift profiles of the two frames are comparable and close to the target
design values, the residual drifts of the proposed frame are significantly
reduced. In particular, the residual drifts experienced by the dual CBF-MRF
have values that are negligible under the FOE, very low under the DBE and well
below the assumed reparability limit of 0.5% under the MCE records. In
addition, even under the most severe MCE ground motions, the friction pads are
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not activated, having no impact on the drift behaviour. The BRBF-MRF has
significantly greater residual storey drifts than the dual CBF-MRF under the
DBE and MCE earthquake records. It is observed that the standard deviation of
the residual drifts is much smaller in the dual CBF-MRF system, with the m+σ
under the MCE being still well below 0.5%. The higher standard deviation of the
residual drifts of the BRBF-MRF implies that the system can experience residual
drifts greater than the 0.5% limit, as shown in Figure 4.16, with m+σ reaching
0.80% under the MCE records. It is noted that the scaling procedure, which is
based on the fundamental period of the CBF-MRF, may have contributed to the
high standard deviation in the drift response of the BRBF-MRF.
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Figure 4.16. Statistics of response profiles of the BRBF-MRF under 22 earthquake
ground motions scaled to the DBE and MCE seismic hazard levels: (a) peak storey
drifts; and (b) residual storey drifts
Table 4.2 provides a summary of the statistics of θs,max and θs,res,max values for
the two systems. The proposed dual frame has mean θs,max equal to 0.47% under
the FOE, 0.88% under the DBE and 1.27% under the MCE. These values are
slightly lower than the design target values (i.e. 0.48%, 0.96%, and 1.44%). The
BRBF-MRF has slightly greater mean θs,max than the CBF-MRF, i.e. 1.02% and
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1.52% under the DBE and MCE, respectively. The mean θs,res,max for the dual
CBR-MRF is 0.02% under the FOE, 0.06% under the DBE and 0.12% under the
MCE. The BRBF-MRF exhibited nearly five times larger mean θs,res,max under the
DBE (0.27%) and almost four times larger mean θs,res,max under the MCE (0.44%).
The m+σ of θs,res,max for the dual CBF-MRF are 0.10% and 0.23% under the DBE
and MCE, respectively, i.e. still very low. The corresponding values for the
BRBF-MRF are 0.49% and 0.80%, demonstrating a much higher scatter in the
results. Therefore, the results of the dynamic analyses show that the proposed
dual CBF-MRF is able to drastically reduce the residual drifts and, thus, enable a
swift recovery even after a very rare MCE seismic event.
Dual frame type θs,max (%) θs,max,res (%)
m m+ σ Median m m+ σ Median
CBF-MRF FOE 0.47 0.56 0.49 0.02 0.04 0.01
DBE 0.88 1.11 0.88 0.06 0.10 0.05
MCE 1.27 1.62 1.19 0.12 0.23 0.10
BRBF-MRF DBE 1.02 1.38 0.96 0.27 0.49 0.23
MCE 1.52 2.06 1.38 0.44 0.80 0.37
Table 4.2. Storey drift statistics for the CBF-MRF and BRBF-MRF (see Appendix A
for detailed results)
Reference Frame type Stories T (s) θs,res,max (%)
FOE DBE MCE
Sabelli et al. (2003) BRBF 6 0.90 0.40 0.70 2.20
Kiggins and Uang (2006) BRBF 6 0.77 - 0.29 -
BRBF-MRF 6 0.77 - 0.13 -
Fahnestock et al. (2007) BRBF 4 - - 0.50 1.20
Fahnestock et al. (2007) BRBF 4 0.71 0.20 1.30 2.70
Erochko et al. (2011) BRBF 6 1.05 - 1.30 3.90
Sahoo and Chao (2014) BRBF 6 0.97 - 0.41 -
This study BRBF-MRF 6 0.77 - 0.27 0.44
Table 4.3. BRBF nonlinear dynamic analysis results from previous studies
To evaluate the fracture capacity of the SSPs employed in the dual CBF-MRF,
the maximum displacement demands recorded in the connector elements are
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compared with the assumed fracture limit of ten times the yield displacement.
Figure 4.17 shows the statistics of the maximum displacement demands on the
SSPs under the FOE, DBE, and MCE ground motion records in each storey,
along with the yield displacement uy and the assumed fracture limit 10uy. The
mean values of maximum displacement demand under the FOE and DBE are 8.4
mm and 17 mm, respectively. For the MCE hazard level, SSPs reach
displacements with a mean value equal to 23 mm in the third storey. These
results suggest that the displacement demands imposed on the SSPs are well
below the assumed fracture value of ten times the yield displacement; therefore,
there is a very small likelihood of fracture for seismic events up to MCE.
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Figure 4.17. Maximum displacements in SSPs under 22 earthquake ground
motions scaled to the FOE, DBE and MCE seismic hazard levels
4.6 Conclusions
In this chapter, the seismic performance of the dual CBF-MRF was evaluated by
means of advanced numerical simulations using models of different complexity,
i.e., a detailed and a simplified FEM model. Comparisons were drawn between
the proposed CBF-MRF and the conventional BRBF-MRF. The results of the
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numerical investigation led to the following conclusions:
• The simplified model of the CBF-MRF, using beam elements for the main
structural members, nonlinear connector elements for the SSPs, and solid
elements for the beam fuses, was found to provide a similar level of
accuracy with the detailed FEM model using shell and solid elements.
• Nonlinear static monotonic and cyclic analyses performed on the detailed
FEM model showed that the proposed design methodology guarantees
that inelastic deformations are concentrated only in the SSPs and beam
fuses, whereas the main structural components are essentially elastic even
for drifts expected under the MCE.
• The proposed CBF-MRF exhibited a much higher post-yield stiffness than
the BRBF-MRF having similar strength and stiffness, as a result of the
properties of the duplex stainless steel material used for the SSPs.
• Nonlinear dynamic analyses on the simplified FEM model showed that the
proposed CBF-MRF and the conventional BRBF-MRF experience
comparable peak storey drifts. However, residual drifts of the CBF-MRF
are drastically reduced as a result of the high post-yield stiffness of the
frame. The maximum residual drift of the proposed CBF-MRF is negligible
under the FOE, has a mean value of 0.06% under the DBE and a mean
value of 0.12% under the very rare MCE. The maximum residual drift of
the BRBF-MRF is five times larger under the DBE, and nearly four times
larger under the MCE.
• The likelihood of fracture of the SSPs is low under the DBE and MCE, with
displacement demands well below the assumed fracture limit of ten times
the yield displacement. This fracture limit is based on relatively limited
experimental data from Vasdravellis et al. (2014), indicating the need for
further research on the fracture capacity of the SSPs. As such, an
experimental programme is carried out to investigate the cyclic response of
SSPs (Chapter 5), along with a numerical study on their ductile fracture
(Chapter 6). The effect of the SSP fracture on the collapse capacity of the
CBF-MRF is assessed in Chapter 7.
60
Chapter 5
Experimental Evaluation of Stainless Steel Pins (SSPs)
5.1 Introduction
The seismic evaluation of the dual CBF-MRF, presented in Chapter 4, was
carried out using numerical FEM models calibrated against previous
experimental data. Ductile fracture of stainless steel pins (SSPs) was not
explicitly modelled, but a preliminary assessment of their fracture response was
based on tests conducted on WHPs made of SSD (Vasdravellis et al. 2014).
However, the available experimental data refers to a limited number of cyclic
tests conducted under one-side loading protocols, as they were used to study
the response of WHPs in a beam-column PT connection. Therefore, a further
experimental investigation is conducted with the following aims:
• To test the SSPs in a configuration reproducing in full-scale the SSP-gusset
plate connection of the dual CBF-MRF.
• To assess the seismic behaviour of the SSPs under full-cycle loading
protocols.
• To reliably evaluate the fracture capacity of the SSPs.
This chapter describes the full-scale tests carried out in the Heavy Structures
Laboratory at Heriot-Watt University (HWU). The results of sixteen tests on two
different geometries of SSPs are presented. Tests were conducted under various
loading protocols, representative of the seismic loading expected in the dual CBF-
MRF. The material properties of SSD were evaluated using monotonic coupon
tests on round bars.
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Technical drawings of the full-scale SSP specimens, the test apparatus and the
coupon specimens are attached in Appendix B.
5.2 Full-scale SSP specimens
In the dual CBF-MRF, each SSP-brace connection is made of four or more identical
SSPs that work in parallel with each other (Figure 5.1). Since all SSPs undergo the
same displacement when loaded, tests were conducted on a single SSP for each
connection. Tests involved two different SSP geometries, representing the devices
at the third and sixth storey of the prototype building, and denoted as SSP1 and
SSP2, respectively. Figure 5.2 shows the geometries of the two specimens. SSP1
has De = 50 mm, Di = 24 mm, and LSSP = 225 mm (see Figure 3.4 for the geometry
parameters). SSP2 has the same length of SSP1, but smaller external and internal
diameters (De = 40 mm and Di = 18 mm).
Gusset plate
CBF-MRF (3rd storey)
4 SSPs
𝐷ୣ = 50 mm
𝐷୧ = 24 mm 
𝐿ୗୗ୔ = 225 mm
Brace
Sec A-A
Column
650
40
50
Figure 5.1. Brace-column connection with SSPs at the 3rd storey of the prototype
6-storey CBF-MRF (all the dimensions are in mm)
Eight specimens of each geometry were manufactured by machining
740-mm-long SSD round bars, having diameters equal to 65 mm and 51 mm,
respectively. Figure 5.3a shows the cutting machine at the HWU Heavy
Structures Lab used to lath the bars down to the required diameter. For an
accurate and quick fabrication, a Computer Numerical Control (CNC) machine
was used to grind the bars into the desired shape (Figure 5.3b). The specimens
were fabricated with a slighly reduced maximum external diameter (nominal
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SSP1
SSP2
110 225 225 110
24
R5
50
740
60
18
110 225 225 110
40
740
50
R5
Figure 5.2. Geometry of the full-scale SSP specimens (all dimensions in mm)
value: De+10 mm) to allow for a small clearance of 0.2 mm in the holes of the
supporting plates.
(a) (b)
Figure 5.3. SSP manufacturing: (a) Cutting machine at the HWU Structures Lab;
and (b) SSP specimens
The material is duplex stainless steel (SSD), certified as UNS S31803 F51 by the
manufacturer (UGITECH, France). The round bars were supplied in the solution
annealed condition, because of the material yield strength in excess of 450 MPa.
This type of stainless steel is much stronger (i.e., twice or more) than the common
austenitic stainless steels.
5.3 Material coupon tests
Tensile coupon tests were carried out before testing the SSPs. Three uniaxial tests
were conducted on uniform round bars, designed in accordance with EN 10002-
1 (2001). The specimens were manufactured by machining 200-mm long round
bars of 16-mm diameter, which were supplied along with the bars used for the
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SSPs. As shown in Figure 5.4a, the coupon specimens have a nominal external
diameter of 16 mm and are tapered to a reduced diameter of 12 mm for 80-mm
length.
5.3.1 Testing machine and instrumentation
Three coupon specimens were tested using the Instron 8803 testing machine,
shown in Figure 5.4b. The Instron machine has a maximum load capacity of 500
kN, with ±75 mm travel. Tests were run in displacement control at a rate of 1
mm/min until fracture. Vee-serrated jaw faces were fitted in the machine to grip
the round specimens.
12
60
60
8020
0
16
(a) (b)
Figure 5.4. Round coupon specimens: (a) geometry (all dimensions in mm); and
(b) Instron 8803 testing machine
An axial clip-on extensometer of gauge length L0 = 50 mm and +100%/-10%
maximum strain was used to measure strain at the centre of the specimen, as
shown in Figure 5.5a. To avoid damage of the extensometer, this was removed
after the onset of necking (Figure 5.5b). The imposed displacement, the force F ,
and the extensometer elongation L were logged with a frequency of 10 Hz. The
initial cross-sectional area A0 and the reduced final area Af were measured for
each test.
64
Chapter 5. Experimental Evaluation of Stainless Steel Pins (SSPs)
(a) (b)
Figure 5.5. Round bar test: (a) extensometer with 50 mm gauge length; and (b)
necking in the centre of the specimen
5.3.2 Coupon test results
The force-displacement curves and the corresponding engineering stress-strain
curves of the monotonic tests are shown in Figure 5.6a and 5.6b, respectively. The
engineering stress S and strain e are defined in Eqs. (5.1) and (5.2):
S =
F
A0
(5.1)
e =
L− L0
L0
(5.2)
Table 5.1 lists the mechanical properties of SSD. The Young’s modulus E is
the slope of the linear portion of the stress-strain curve. The yield stress fy is
calculated using the definition of the 0.2% strain offset. The ultimate stress fu is
the maximum load Pmax divided by the original cross-sectional area of the
specimen A0, as expressed in Eq. (5.3):
fu =
Pmax
A0
(5.3)
Specimen fy fu εf E
(MPa) (MPa) (MPa)
Round bar 1 530 752 45.7 189,655
Round bar 2 513 751 47.5 181,250
Round bar 3 518 746 47.9 187,500
Mean 520 750 47.0 186,135
Table 5.1. Summary of mechanical properties of SSD from coupon tests
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Figure 5.6. Round bar monotonic tests: (a) force-displacement curves; and (b)
engineering stress-strain curves
The SSD has average fy and fu equal to 520 MPa and 750 MPa, respectively, in
agreement with the material certificates. The yield stress is also consistent with
the one adopted in the design of the SSPs (see Section 3.5.1). Figure 5.6a shows
that SSD is characterised by large ductility and high post-yield stiffness. The ratio
of the post-yield stiffness to the elastic stiffness is 1/125.
After the onset of necking, the cross-sectional area of the specimen rapidly
decreases, leading to a drop in the load-carrying capacity and, thus, in the
engineering stress, calculated using the initial area of the specimen (see Eq. 5.1).
In fact, the hardening of the material continues up to fracture with strain
increases that are produced by a rise in stress (ASM 2002). A true description of
the material behaviour is obtained with the true-stress/true-strain curve (also
known as flow curve), where the true stress is computed using the actual
cross-sectional area of the specimen and the true strain is based on
instantaneous measurement. The true stress σ is dependent on S and e, as
expressed in Eq. (5.4):
σ = S(e+ 1) (5.4)
The true strain ε is calculated using e, as expressed in Eq. (5.5):
ε = ln(e+ 1) (5.5)
Therefore, the true plastic strain can be calculated as:
εpl = ln(e+ 1)− S
E
(5.6)
66
Chapter 5. Experimental Evaluation of Stainless Steel Pins (SSPs)
Eqs. (5.4) and (5.6) are valid up to the onset of necking, when localised strains
develop in the necked region. After this stage, the behaviour of the material is
defined by a linear relationship up to the fracture point, where the true stress σf
and true strain εf are computed as expressed in Eqs. (5.7) and (5.8), respectively:
σf =
Pf
Af
(5.7)
εf = ln
A0
Af
(5.8)
Figure 5.7 illustrates the true-stress/true-plastic-strain curve for SSD, obtained
from test 3. This curve is used to define the material properties in FEM
simulations.
0 0.5 1 1.5 2
0
500
1,000
1,500
2,000
2,500
εpl
σ
(M
P
a)
Figure 5.7. SSD true stress-true plastic strain curve
5.4 Testing apparatus
The full-scale component tests on SSPs were conducted using the Losenhausen
UPS2000 testing machine, shown in Figure 5.8a. The self-reacting testing machine
(LOS machine) has 2000 kN force capacity in tension and compression, and ±120
mm displacement capacity. Displacements are imposed by the top grip, where
the bottom grip is fixed to the strong floor.
A configuration reproducing the SSP-gusset plate connection of the CBF-MRF
was used. Figure 5.8b shows the test setup designed to accommodate the two
different SSP geometries. It consists of two assemblies of steel plates, indicated as
upper and lower supporting plates, which represent the gusset plate tied to the
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(a)
SSP1
Top grip
Bottom 
grip
𝑢
24
740
60
SSP2
Top grip
Bottom 
grip
𝑢
18
740
50
(b)
Figure 5.8. SSP testing apparatus: (a) Losenhausen UPS2000 testing machine; and
(b) testing configuration for SSP1 and SSP2 (all the dimensions are in mm)
Upper supporting plate
50
250
40
150
50
500
300
Lower supporting plate
700 300
50
60
610
Figure 5.9. Geometry of the supporting plates of the testing apparatus (all the
dimensions are in mm)
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beam-column connection, and the U-shaped plate tied to the bracing member,
respectively (see Figure 5.1). The SSPs were inserted into aligned holes drilled
in the vertical plates. The top row of holes was used for the SSP1, whereas the
bottom row was used for the SSP2.
The geometry of the two assembly plates is shown in Figure 5.9. The top
assembly is made of a 40-mm thick vertical plate welded normally onto a 50-
mm thick 300x200 mm horizontal plate. The bottom assembly is made of two
vertical 60-mm thick plates welded normally onto a 700x150x50 mm horizontal
plate. Two 150x300x50 mm plates welded onto the top and bottom horizontal
plates are gripped by the testing machine. The supporting plates are designed
following the rules for the design of the U-shaped and gusset plates, described in
Section 3.5.3.
To prevent excessive bending of the vertical plates of the bottom assembly as
the SSP deforms, 30 mm-thick triangular stiffeners were welded at the base of the
plates, as shown in Figure 5.9. This reinforcement was added after the first two
tests, in which excessive bending of the plates was observed for large imposed
displacement.
Weld
Weld
40
30
(a)
(b) (c)
Figure 5.10. SSP axial constraint: (a) steel collar geometry for SSP1 (all dimensions
in mm); (b) collar welded onto SSP2 with additional steel plate; and (c) 12-mm
diameter clevis pin used in first test on SSP2
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The SSPs were axially constrained using a 10-mm thick steel collar welded
onto their ends (Figure 5.10a). At the start of each test, the collar was just in
contact with the vertical plates, as illustrated in Figure 5.10b. The need for such
constraint was highlighted by the experimental work of Vasdravellis et al.
(2014), in which non-axially-constrained SSPs had experienced some slip. Figure
5.10c shows the constraint initially adopted in this experimental work to axially
restrain the specimens: it consisted of a 12-mm diameter clevis pin passing
through a 13-mm hole drilled at the ends of the specimen. However, the clevis
pin failed during the first AISC test on SSP2, causing the specimen to slip and
deform the holes of the lower vertical supporting plates. To restore the correct
clearance between the specimen and the drilled holes, a 100x100x10 mm steel
plate with a 50-mm drilled hole was welded to the vertical plates in the
remaining SSP2 tests, as shown in Figure 5.10b.
5.5 Testing instrumentation
Two linear variable differential transformers (LVDTs) were used to measure the
relative displacement between the top and bottom plate assemblies. The LVDTs,
indicated as LVDT-1 and LVDT-2, had ±150 mm travel length and were fixed to
the bottom horizontal plate by magnetic bases, with their tip attached to the top
horizontal plate, as shown in Figure 5.11.
LVDT-1
LVDT-2
Figure 5.11. SSP testing instrumentation: LVDTs
The actuator of the LOS machine was controlled by a MOOG FCS controller.
All the tests were performed in position control. The position and force feedback
signals were logged by the controller with a frequency of 2 Hz. Since the
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controller accommodates only two input signals, an independent data
acquisition board and host computer were used to log the output from the
LVDTs, along with the load and displacement feedback signals. The signal from
transducers was recorded with the same frequency of 2 Hz.
5.6 Loading protocols
The SSPs were subjected to a range of different loading protocols, as listed in
Table 5.2. The loading protocols were applied under displacement control at a
rate ranging from 5 to 40 mm/min at ambient temperature.
Specimen Test no. Protocol
SSP1 1 AISC
2 CA = 7uy
3 CA = 6uy
4 CA = 5uy
5 CA = 4uy
6 Random-1
7 Random-2
8 Monotonic
(a)
Specimen Test no. Protocol
SSP2 9 AISC
10 CA = 8uy
11 CA = 7uy
12 CA = 6uy
13 CA = 5uy
14 CA = 4uy
15 Random
16 Monotonic
(b)
Table 5.2. Loading protocols of the full-scale tests: (a) SSP1; and (b) SSP2
Phase No. of cycles Amplitude
1 2 uy
2 2 0.5uDBE
3 2 uDBE
4 2 1.5uDBE
5 2 2uDBE
Table 5.3. The AISC loading protocol
The first loading protocol, denoted as AISC, is the one recommended in
Annex K in ANSI/AISC 341/10 (2010) for the seismic evaluation of buckling
restrained braces (BRBs). Since the behaviour of a brace with SSPs is similar to a
BRB, it is reasonable to evaluate the SSPs with the qualification protocol of BRBs.
The AISC loading history is presented in Table 5.3, where uy is the yield
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Figure 5.12. Random protocols for SSP1 and SSP2
displacement of the SSP and uDBE is the displacement demand expected under
the DBE. The values of uy and uDBE were preliminary calculated based on the
numerical analyses presented in Chapter 4 as: uy = 6.5 mm and uDBE = 17 mm for
SSP1; and uy = 6 mm and uDBE = 14 mm for SSP2. The AISC protocol prescribes
cycles of increasing imposed displacements with amplitudes uy, 0.5uDBE, uDBE,
1.5uDBE, and 2uDBE, each one applied for two cycles. To fully characterise the
hysteretic response of each SSP up to fracture, the protocol was extended to
include four additional cycles at 1.5uDBE, followed by two cycles at 2.5uDBE, and
then a series of cycles with an amplitude increased by 0.5uDBE every two cycles.
Steel structures subjected to earthquake-induced loading typically undergo
large cyclic inelastic deformations. Unlike low-cycle fatigue, highly inelastic
cycles can induce ductile fracture after a relatively small number of cycles,
generally less than 100 (Pereira et al. 2014) or even 20 (Kanvinde 2017). This type
of loading is termed ultra-low cycle fatigue (ULCF). To investigate the ductile
fracture response of the SSPs under ULCF, constant amplitude (CA) and random
protocols are used. The imposed CA are defined as multiple of the SSP yield
displacement uy, where SSP1 was tested under CA = 4uy, 5uy, 6uy, and 7uy, and
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SSP2 was tested under CA = 4uy, 5uy, 6uy, 7uy, and 8uy. A uy value of 7 mm was
obtained from the results of the AISC tests on the two SSPs. The random
protocols consist of randomly-generated number of cycles and imposed
displacements. These protocols, shown in Figure 5.12, were defined assuming
displacement values in the range of 2 to 8 times uy and cycles between 1 and 9.
In addition, to assess the response of SSPs under monotonic loading, a
monotonic test was performed for each SSP geometry.
5.7 Results of full-scale SSP tests
Sixteen full-scale component tests were carried out to evaluate the hysteretic
response, ULCF life, and energy dissipation of SSPs. For each SSP geometry, the
AISC tests were performed first, followed by ULCF tests, i.e., CA and random
protocols, and a monotonic test.
5.7.1 Cyclic hysteresis
Figure 5.14 shows the force-displacement hysteresis of the two specimens under
the AISC protocol. The SSPs successfully passed the imposed protocol showing
stable hysteresis and appreciable ductility. Figure 5.13 illustrates the deformed
shapes of the SSPs under the AISC test.
(a) (b)
Figure 5.13. Deformed SSP shape under the AISC protocol: (a) SSP1; and (b) SSP2
Both specimens were then subjected to an additional sequence of larger
inelastic cycles, as discussed in the previous section. Figure 5.15 shows the
response of SSPs under the extended AISC protocol. The test on SSP2 was first
performed and was stopped after two cycles at 4.5uDBE due to the failure of one
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clevis pin used as axial constraint (see Figure 5.10c). No fracture initiation was
observed in the specimen. A similar response was exhibited by the SSP1, which
was axially constrained using the steel collar shown in Figure 5.10b. The test
was terminated after the completion of two full cycles at 4.5uDBE as no signs of
deterioration were observed. Under the extended AISC tests, the SSPs achieved
a large cyclic ductility without reaching fracture. The ratio of maximum
displacement to yield displacement is equal to eleven for SSP1 and nine for
SSP2. This confirms the preliminary assumption on their fracture capacity
adopted in the numerical evaluation of the dual CBF-MRF (see Section 4.4.1),
where a cyclic ductility of ten was assumed.
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Figure 5.14. Hystereses of SSPs under the AISC protocol
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Figure 5.15. Hystereses of SSPs under the extended AISC protocol up to 4.5uDBE
Figures 5.16 and 5.17 show the hysteresis of SSP1 and SSP2 under the ULCF
loading protocols. Ductile fracture occurred in all tests. The SSPs sustained
many inelastic cycles before fracture, showing a stable hysteretic behaviour and
large energy dissipation capacity. The force-displacement curves are
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characterised by a slight pinching at zero force, due to the small clearance in the
holes of the supporting plates. This was also observed in Vasdravellis et al.
(2014), where a small clearance allowed for the slip of the specimens. There is a
noticeable hardening behaviour at large displacements, i.e. CA > 5uy. This can
be attributed to the combination of two factors: a) the inherent high post-yield
stiffness of the SSD material; and b) the elastic bending of the supporting plates
at large displacements, which causes the response to ’harden’ in each successive
cycle of large imposed displacement. It can be observed that the hysteresis of
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Figure 5.16. Hystereses of SSP1: constant amplitude (CA) and random tests
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Figure 5.17. Hystereses of SSP2: constant amplitude (CA) and random tests
SSP2 in tests no. 10 to 12 is characterised by a reduced hardening, especially in
compression. This was mainly due to the severe deterioration of the holes of the
supporting plates. While the correct clearance was restored following the AISC
test, some degree of damage in the holes might have affected the grip between
the holes and the specimen.
The optimised shape of the SSPs resulted in large plastic deformations
throughout the whole length of the bending parts. This caused a large axial
elongation of the SSPs that increased with the cycles. Figure 5.18 shows the
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(a) (b)
Figure 5.18. Axial elongation: (a) SSP1; and (b) SSP2
appreciable axial elongation of SSP2 after 30 cycles under CA = 7uy. The
maximum elongation was in the range of 15-20 mm for SSP1 and 30-40 mm for
SSP2. This indicates that plastic deformations in SSP2 were spread over a larger
area than in SSP1.
5.7.2 Ductile fracture due to ULCF
Ductile fracture consistently initiated on the surface of the SSP at the middle
sections of the bending parts, i.e., halfway between De and Di, as illustrated in
Figure 5.19. These fracture locations are denoted as section 1 and 2, where
section 1 is the one closest to the lower supporting plate. The number of cycles
to fracture initiation and full-section failure were recorded for each ULCF test, as
reported in Table 5.4.
1
1
2
2
(a)
1
1
2
2
(b)
Figure 5.19. Fracture locations: (a) SSP1; and (b) SSP2
Once fracture initiation occurred in sections 1 and 2, several micro-cracks
gradually propagated to full-section fracture after several cycles. Figure 5.20a
shows the evolution of ductile fracture in SSP1 tested under CA = 6uy. Small
77
Chapter 5. Experimental Evaluation of Stainless Steel Pins (SSPs)
Specimen Test no. Protocol Failure mode No. of cycles
Full fracture Fracture initiation
SSP1 1 AISC No fracture − −
2 CA = 7uy Ductile fracture 28 21
3 CA = 6uy Ductile fracture 35 25
4 CA = 5uy Ductile fracture 44 31
5 CA = 4uy Ductile fracture 78 43
6 Random-1 Ductile fracture 59 35
7 Random-2 Ductile fracture 45 25
8 Monotonic No fracture − −
SSP2 9 AISC No fracture − −
10 CA = 8uy Ductile fracture 33 30
11 CA = 7uy Ductile fracture 43 36
12 CA = 6uy Ductile fracture 59 41
13 CA = 5uy Ductile fracture 76 45
14 CA = 4uy Ductile fracture 89 54
15 Random Ductile fracture 48 40
16 Monotonic No fracture − −
Table 5.4. Test matrix of the full-scale tests on SSPs
Cycle no. 29 Cycle no. 32 Cycle no. 34 Cycle no. 35 (final)
(a)
Cycle no. 48 Cycle no. 51 Cycle no. 54 Cycle no. 59 (final)
(b)
Figure 5.20. Ductile fracture under CA = 6uy: (a) SSP1; and (b) SSP2
cracks were first observed after 25 cycles, followed by the growth of larger crack
during the 29th cycle, which propagated in the successive six cycles up to the
full-section fracture of the specimen. The fracture mechanism observed in SSP2
under the same loading protocol is illustrated in Figure 5.20b: widespread
cracks initiated at the free surface and gradually grew to form two large cracks
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that led to the complete failure of the specimen.
The force histories of the same tests, plotted in Figure 5.22, show that, once
fracture initiated, the load-carrying capacity of the SSPs remained stable for many
cycles, and dropped just few cycles before failure. Figure 5.21 illustrates two
examples of the typical full-section fracture observed in the tests.
(a) (b)
Figure 5.21. Final cycle with fracture: (a) SSP1 (test 6); and (b) SSP2 (test 13)
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Figure 5.22. Force histories of SSPs under CA = 6uy
5.7.3 Prediction of SSP strength
The SSP fracture mechanism illustrated in Figure 5.19 indicates that plastic
hinges form in the middle of half bending part. As preliminarily discussed in
Section 3.5.1, the SSP plastic mechanism is different from the one assumed in the
analytical model proposed by Vasdravellis et al. (2013). In fact, the latter was
developed based on tests on stocky WHPs, where the maximum plastic moment
was at the De sections. Based on the new experimental evidence, this analytical
model is modified assuming that the maximum plastic moment is halfway
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between De and Di, as follows:
Mpl =
(
D3PH
6
)
fy,SSP (5.9)
where DPH = (De+Di)/2. The yield force is then calculated as:
Fy,SSP =
4Mpl
LPH
=
2D3PH
3LPH
fy,SSP (5.10)
where LPH = LSSP/2. Using Eq. (5.10), Fy,SSP1 = 156 kN and Fy,SSP2 = 75 kN.
The analytical values for the yield strength are in excellent agreement with the
experimental ones, i.e., 150 kN and 75 kN, respectively. Therefore, the modified
analytical model can be used to predict the strength of the SSPs.
5.7.4 Energy dissipation capacity
The energy dissipation (ED) capacity of a SSP is evaluated by computing the
amount of energy dissipated in each cycle, denoted as W . This is the area
enclosed in the hysteresis of a single cycle. For a consistent comparison between
the two SSPs, W is normalised by the product of uy and the corresponding Fy.
Figure 5.23 compares the ED curves of the two SSP geometries under different
cyclic protocols. While the ED capacity of SSP1 and SSP2 is similar during the first
cycles, SSP2 experienced a more visible ED deterioration than SSP1. However,
SSP2 was able to sustain a larger number of cycles than SSP1.
Figure 5.24 compares the ED capacity of the single SSPs under the CA
loading protocols. It can be seen how the ED curves decrease proportionally to
the imposed amplitude. A comparison of the energy dissipated by the SSPs
between the CA and random tests is shown in Figure 5.25. It can be observed
that the ED capacity under the random tests is similar to the corresponding CA
tests over the first thirty cycles, while it decreases in the final phase due to the
severity of the random loading protocol.
5.7.5 Monotonic tests
One monotonic test was carried out for each SSP geometry. Figure 5.26a shows
the monotonic response of SSP1, where the test was terminated at a maximum
displacement of 110 mm. The specimen exhibited a high post-yield stiffness
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equal to 1/10 of the elastic stiffness. No signs of ductile fracture were observed
at the maximum imposed displacement, indicating that ductile fracture is
unlikely to occur even under extreme displacements of sixteen times the yield
displacement. This largely exceeds the assumed limit of ten times the yield
displacement adopted in Section 4.4.1. However, in the SSP1 test, the lower steel
plate assembly experienced large bending, as shown in Figure 5.26b. The
excessive deformation of the plates is related to the boundary conditions of the
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Figure 5.23. Comparison of energy dissipation (ED) between SSP1 and SSP2 under
CA and AISC protocols
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Figure 5.24. ED for individual SSPs under CA protocols
81
Chapter 5. Experimental Evaluation of Stainless Steel Pins (SSPs)
0 20 40 60
0
10
20
30
40
Cycle
W
Fyuy
SSP1
CA = 7uy
CA = 6uy
CA = 5uy
Random-2
0 20 40 60 80 100
0
10
20
30
40
Cycle
W
Fyuy
SSP2
CA = 8uy
CA = 7uy
CA = 6uy
CA = 5uy
Random
1
Figure 5.25. Comparison of ED between CA and random tests for individual SSPs
test apparatus, which could not be fully constrained to the ground. This could
not exactly reproduce the constraint exerted in the CBF-MRF from the brace
section, connected to the lower U-shaped plate. A reduced deformability of the
lower supporting plate would provide a more accurate estimation of the fracture
capacity of the SSPs under monotonic loading.
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Figure 5.26. SSP1 monotonic test: (a) force-displacement curve; and (b) deformed
shape at 110 mm imposed displacement
Figure 5.27a illustrates the force-displacement curve of the monotonic test on
SSP2, which had to be prematurely terminated at 55 mm due to a sudden
breakdown of the LOS machine. At the maximum displacement, the SSP did not
show any sign of fracture. The specimen exhibited a post-yield modulus equal
to 1/5 of the elastic modulus.
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Figure 5.27. SSP2 monotonic test: (a) force-displacement curve; and (b) deformed
shape at 55 mm imposed displacement
5.7.6 Imposed versus relative displacement
The test apparatus was instrumented with LVDTs to measure the relative
displacement between the two supporting plates (see Section 5.5). The imposed
displacements recorded by the LOS machine are verified against the
displacements logged by the LVDTs for all tests.
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Figure 5.28. Comparison of force-displacement curves from LOS machine and
LVDT-1
Figure 5.28 plots the comparison of the force-displacement curves under the
extended AISC test on SSP1 between the LVDT-1 displacements and the
imposed LOS displacements, respectively. The comparison shows an excellent
agreement, apart from a small scatter in the large displacement range (u > ±60
mm), which is due to the bending of the lower horizontal plate. It can be
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concluded that the displacements recorded by the LOS machine were not
affected by elastic deformations of the testing apparatus.
5.8 Conclusions
This chapter presented the experimental programme carried out to assess the
seismic response and the fracture behaviour of the stainless steel pins (SSPs).
Two full-scale SSP geometries were tested in a configuration reproducing the
SSP-gusset plate connection of the proposed dual CBF-MRF. The geometry of
the specimens was representative of the SSPs employed in the design for the
prototype building presented in Chapter 3. To characterise the duplex stainless
steel (SSD) material used for the SSPs, monotonic tests on coupon specimens
were carried out. The seismic performance of the SSPs was evaluated under a
range of different loading protocols, including: the AISC protocol for
buckling-restrained braces; ULCF protocols, i.e., constant amplitude (CA) and
randomly-generated protocols; and a monotonic loading protocol. Based on the
experimental results presented herein, the following conclusions are outlined:
• The SSPs met the requirements of the AISC protocol, showing a stable and
full hysteresis. Under the extended AISC protocol, the SSPs sustained cycles
of large amplitude up to four and half times the demand expected under the
DBE. This validates the assumption on the SSP cyclic ductility adopted in
the numerical evaluation of the dual CBF-MRF in Chapter 4.
• The SSPs provided large energy dissipation and fracture capacities under
the CA and random loading protocols. Under ULCF, ductile fracture
consistently initiated at sections halfway between the maximum and
minimum diameters of the bending parts, demonstrating the advantages
of the SSP optimised shape. Based on this evidence, a modified analytical
equation is derived to predict the yield strength of SSPs.
• The SSPs exhibited high post-yield stiffness as a result of the SSD material
properties, combined with the hardening effect due to the elastic bending
of the supporting plates at large displacements.
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• Comparison between the two SSP geometries showed that they had
similar energy dissipation capacities, and SSP2 was able to sustain a larger
number of cycles than SSP1. This improved fracture capacity of SSP2 is to
be attributed to its optimised shape that promotes a more uniform
distribution of plastic deformation, resulting in more widespread cracks
along the length of the specimen.
• Under monotonic loading, SSP1 endured a displacement demand greater
than sixteen times the yield displacement, indicating a very large fracture
capacity. This may have been slightly overestimated due to the
deformability of the test apparatus.
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Prediction and Numerical Simulation of Ductile
Fracture in SSPs
6.1 Introduction
Ductile fracture of SSPs resulting from ultra-low cycle fatigue (ULCF) represents
a critical failure mode in the global response of the CBF-MRF, as it may lead to a
sudden drop in strength and a subsequent collapse of the structure. The aim of
this chapter is to identify material parameters for the prediction and numerical
simulation of ductile fracture in the SSPs under ULCF, based on the tests
conducted in Chapter 5.
Following a review of the existing models for predicting fracture in metals
under ULCF, three different approaches are considered in this study: a low-cycle
fatigue (LCF) model that combines the Coffin-Manson relationship and the
Palmgren-Miner rule; and two mechanics-based fracture models, i.e., the Cyclic
Void Growth Model (Kanvinde & Deierlein 2007) and the fracture initiation
criterion available in Abaqus. These two mechanics-based models are calibrated
against ULCF tests on notched specimens, and their ability of predicting fracture
initiation is validated against the ULCF tests of SSPs.
Furthermore, as the experimental tests showed that the SSPs are able to
sustain additional cycles after fracture initiation before reaching full fracture, the
fracture simulation of the SSPs requires to define an evolution criterion to trace
the degradation of the material. In this work, the explicit simulation of the SSP
fracture is performed using the Abaqus initiation and evolution criteria
calibrated against coupon tests.
86
Chapter 6. Prediction and Numerical Simulation of Ductile Fracture in SSPs
6.2 Review of models for predicting ductile fracture in metals
This section aims to identify suitable models for predicting and simulating
ductile fracture of the SSPs under ULCF. A review of the available approaches
for predicting fracture in metals is presented for different loading conditions,
including monotonic loading, LCF and ULCF. While these loading conditions
differ from each other, there are similarities in the fracture micromechanisms of
metals under monotonic loading and ULCF, and similarly between LCF and
ULCF, as discussed below.
6.2.1 Ductile fracture under monotonic loading
In structural steels, the initiation of ductile fracture is a complex multistep
mechanism, where microvoids nucleate, grow in volume with plastic strain, and
eventually coalesce to initiate a ductile crack (Anderson 2005). Since large-scale
plasticity invalidates the assumptions of traditional fracture mechanics models,
ductile fracture has been studied using the so-called local criteria that are based
on stress and strain states (Myers et al. 2010). Local models for ductile fracture
are generally classified in two different categories: mechanics-based criteria,
which evaluate damage through a history variable computed using the
evolution of stress and strain fields; and state-based criteria, which predict
fracture when the strain exceeds a critical value (Kanvinde 2017).
The void growth method (VGM) and the stress modified critical strain
(SMCS) are the most widely referenced criteria in the mechanics-based and
state-based categories, respectively. The VGM and SMCS are based on the
findings of McClintock (1968) and Rice & Tracey (1969). In two separate studies,
it was found that the growth of microvoids is proportional to the equivalent
plastic strain εpl and strongly influenced by the stress triaxiality T with an
exponential dependency, as expressed in Eq. (6.1):
dR/R = C exp(1.5T ) dεpl (6.1)
where R is the average void radius, dR/R expresses the void growth, C is a
constant, and T is defined as the ratio of the mean stress σm (i.e., hydrostatic
pressure) to the Von Mises stress σe (i.e., equivalent stress).
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The VGM has been extensively used to predict ductile fracture under
monotonic loading (Panontin & Sheppard 1995, Kanvinde & Deierlein 2006).
The aforementioned criterion derives from the integration of Eq. (6.1):
ln
R
R0
= C
∫ εpl
0
exp(1.5T ) dεpl (6.2)
where R0 is the initial void size. According to the VGM, fracture initiates when
the void reaches the critical value RD, as expressed in Eq. (6.3):
C
∫ εpl
0
exp(1.5T ) dεpl ≥ ln RD
R0
(6.3)
The condition in Eq. (6.3) is simplified introducing the void growth index VGI,
and its critical value VGImonoD :
VGI =
∫ εpl
0
exp(1.5T ) dεpl ≥ ln
RD
R0
C
= VGImonoD (6.4)
The SMCS model, first proposed by Mackenzie et al. (1977), assumes that
triaxiality in Eq. (6.2) is constant over the loading history. Based on such
assumption, fracture initiates when the equivalent plastic strain reaches the
critical value εplD at the onset of fracture, as expressed in Eq. (6.5):
εplD = αmono exp(−1.5T ) (6.5)
where αmono is the toughness index. Johnson & Cook (1985) proposed a general
form of the SMCS, which has been adopted by Abaqus (Dassault Syste`mes 2014)
and is expressed in Eq. (6.6):
εplD = [d1 + d2 exp(−d3T )] · (1 + d4 ln ε˙∗) · (1 + d5T ∗) (6.6)
where d1, d2, d3, d4, and d5 are fracture constants, ε˙∗ is the dimensionless strain
rate, and T ∗ is the nondimensional temperature. Under quasi-static loading
conditions and with no temperature dependance (i.e., ε˙∗ = 1 and T ∗ = 0), the
Johnson-Cook criterion reduces to the SMCS, with 1.5 being replaced by d3.
The Abaqus software offers a general criterion for predicting fracture
initiation that is given by:
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ωD =
∫
dεpl
εplD(T )
(6.7)
where ωD is the fracture initiation index that increases monotonically with
plastic deformations, and εplD(T ) is the equivalent plastic strain at fracture
initiation, which depends on the instantaneous T value (Dassault Syste`mes
2014). When ωD = 1, fracture initiation is assumed to occur. In addition, Abaqus
offers a capability for modelling progressive damage and failure of metals. This
requires the specification of a fracture evolution response in combination with
the initiation criterion (Eq. 6.7). Jia & Kuwamura (2014) simulated ductile
fracture of structural steels under monotonic tension using the Abaqus fracture
initiation criterion defining the εplD(T ) function as the SMCS criterion.
d
R
CNS
Gauge length = 50 mm
Notch
Figure 6.1. Typical geometry of a notched specimen (CNS)
Local fracture models are calibrated performing tensile tests on
circumferentially-notched specimens (CNSs), shown in Figure 6.1. The material
constants of the VGM and SMCS criterion (i.e., VGImonoD and αmono) are calibrated
using different notch geometries that vary the severity of stress triaxiality.
Mackenzie et al. (1977) found that the maximum triaxiality is at the centre of the
CNS and depends on the size of the notch, as expressed in Eq. (6.8):
Tmax =
1
3
+ ln
(
d
2R
+ 1
)
(6.8)
where R is the radius of the notch and d is the radius of the minimum
cross-section. Complementary finite element simulations provide the stress and
strain in the notched minimum cross-section. Where the VGM evaluates fracture
through numerical integration of Eqs. (6.4) and (6.7), respectively, the estimation
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of the αmono value in Eq. (6.5) is only based on the instantaneous ε
pl
D and T values
at fracture initiation.
The VGM and SMCS models were originally developed to predict fracture
under tensile axisymmetric and high triaxiality stress states. As discussed in the
next section, researchers have proposed extensions of these models to different
conditions, including ULCF and low triaxiality (Smith et al. 2017).
6.2.2 Ductile fracture under LCF and ULCF
ULCF is an intermediate loading condition between monotonic loading and
LCF, as illustrated in Figure 6.2. Fracture under ULCF involves a relatively small
number of cycles accompanied by large-scale plasticity, while LCF hundreds of
cycles and limited plasticity. Several studies have demonstrated that the fracture
mechanism for ULCF is similar to monotonic ductile fracture, since it involves
cyclic growth and collapse of voids (Myers et al. 2010, Kanvinde 2017).
However, mechanisms of LCF (such as slip and decohesion) may influence the
ULCF response of metals, especially when the material is subjected to a large
number of relatively small-amplitude cycles (Pereira et al. 2014, Kanvinde &
Deierlein 2007). For this reason, established LCF models may still be able to
characterise the ULCF response of structural steels.
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Figure 6.2. Fracture mechanism depending on number of cycles N (adapted from
Bleck et al. 2009)
LCF resistance represents the ability of metals to sustain a finite number of
cycles of variable inelastic strain amplitude (Bruneau et al. 2011). To quantify the
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LCF life of a material, Coffin and Manson (Coffin 1954, Manson 1953) proposed
a relationship that correlates the number of constant amplitude cycles to failure,
2N , to the plastic strain amplitude, ∆εp/2, as expressed in Eq. (6.9):
∆εp
2
= ε′f(2Nf)
c (6.9)
where ε′f is the fatigue ductility coefficient and c is the fatigue ductility exponent.
To predict the LCF life of metals under protocols of variable amplitude,
rainflow algorithms are used to convert the loading history in a sequence of
regular cycles, and linear damage accumulation rules are applied (Bruneau et al.
2011). A widely-accepted damage accumulation model is the Palmgren-Miner
rule (Miner 1945):
Df =
j∑
i=1
ni
Nf,i
(6.10)
where ni is the number of cycles applied at a given amplitude, Nf,i is the number
of cycles to fracture at a given amplitude, and Df is the damage index, which is
equal to 1 when the specimen reaches failure .
Local approaches have been recently developed to simulate ductile fracture
due to ULCF. In terms of micromechanism, as voids alternatively grow and
shrink, T is positive in tension and negative in compression. Kanvinde &
Deierlein (2007) proposed an extension of the VGM to ULCF, named Cyclic Void
Growth Model (CVGM). The extended model takes into account reverse cycling
and thus the sign of T , as shown in Eq. (6.11):
VGIcyclic =
(∫
T≥0
exp(1.5|T |) dεpl −
∫
T<0
exp(1.5|T |) dεpl
)
≥ 0 (6.11)
The cyclic void growth index VGIcyclic is assumed to be equal to zero if the
expression in Eq. (6.11) is negative. Based on experimental and numerical data,
Kanvinde & Deierlein (2007) observed that εpl is a strong indicator of cyclic
degradation. Based on this assumption, the damage variable for cyclic loading,
denoted as VGIcyclicD , is estimated applying to VGI
mono
D the exponential decay
function expressed in Eq. (6.12):
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VGIcyclicD = VGI
mono
D exp(−λ εplstart) (6.12)
where εplstart is the equivalent plastic strain at the start of each tensile excursion and
λ is the rate of cyclic deterioration, which is in the range 0−1 for structural steels.
A small λ value reflects a slow cyclic deterioration process. The calibration of the
CVGM parameters, i.e., VGImonoD and λ, requires tensile and cyclic tests on CNSs
with different notch geometries. Kanvinde & Deierlein (2007) used two types of
ULCF loading: constant amplitude tests; and tests with several cycles followed
by a pull to fracture.
Jia & Kuwamura (2015) have recently simulated ductile fracture of specimens
subjected to cyclic loading using the Abaqus software. To define an εplD(T )
function appropriate for cyclic loading, Jia & Kuwamura (2015) modified the
SMCS model introducing a cut-off at T = −1/3. This assumption is based on the
experimental evidence that ductile fracture is practically inhibited in
compression (Bridgman 1964, Bao & Wierzbicki 2004). Below T = −1/3, ductile
fracture is assumed to initiate for a infinite value of εplD and thus no damage is
accumulated, as expressed in Eqs. (6.13) and (6.14):
εplD(T ) =
αcyclic exp(−1.5T ) if T ≥ −1/3∞ if T < −1/3 (6.13)
i.e.,
ωD =

∫
dεpl
εplD (T )
if T ≥ −1/3
0 if T < −1/3
(6.14)
Jia & Kuwamura (2015) validated this fracture criterion against the response of
specimens monotonically pulled to fracture, after being subjected to few small
inelastic cycles (fewer than five). For this purpose, the αcyclic parameter was
calibrated using monotonic tests on round specimens. However, its application
to ULCF would require the calibration of αcyclic based on cyclic coupon tests,
similarly to the CVGM. In the latter, prediction of cyclic degradation is based on
the cumulative plastic strain (εpl) and is weighted by a triaxiality function
(Pereira et al. 2014). It can be seen that the Abaqus fracture initiation index in Eq.
(6.14) has a strong dependency on εpl as well, while triaxiality sign is accounted
for in the modified SMCS. Unlike the CVGM, which can also be used for
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monotonic fracture, the scope of the Abaqus criterion with αcyclic is limited to
ULCF conditions.
Furthermore, recent studies have found that, under low and moderate
triaxiality conditions (i.e., T < 1), ductile fracture is strongly influenced by the
deviatoric state parameter ξ, which is related to the Lode angle Θ, as expressed
in Eq. (6.15):
ξ = cos 3Θ =
(
J3
σe
)3
(6.15)
where J3 is the third invariant of deviatoric stress (Wierzbicki et al. 2005). The
parameter ξ varies from -1, in case of axisymmetric compression, to 1, in case of
axisymmetric tension, with ξ = 0 being the intermediate case in plain strain
condition. Smith et al. (2014) recently proposed the stress-weighted damage
model (SWDM), which is an enhanced version of the CVGM accounting for the
effect of the deviatoric stress state. Bao & Wierzbicki (2004) presented a
state-based criterion, expressed in Eq. (6.16), that includes the parameter ξ:
εplD = C1 exp(−C2 T )− [(C1 exp(C2 T )− C3 exp(−C4 T )) · (1− ξ(1/n))] (6.16)
where C1, C2, C3, C4, and n are material parameters. Eq. (6.16) reduces to a
general form of the SMCS model when the stress state is axisymmetric, i.e., ξ = 1.
As described in detail in Wierzbicki et al. (2005), Smith et al. (2014), and Kanvinde
(2017), the calibration of the SDWM and the model proposed by Bao & Wierzbicki
(2004) requires a combination of coupon tests that aim to cover the entire range
of stress states: tensile tests on CNSs (ξ = 1 and high or moderate triaxiality),
grooved plate tests (ξ = 0 and high triaxiality), rectangular notched tests (0 <
ξ < 1 and high triaxiality), inclined notched butterfly tests (0 < ξ < 1 and low
triaxiality) or standard round tension coupon tests in a high-pressure chamber
(ξ = 1 and low triaxiality).
As discussed in Section 6.9, complementary FEM simulations of the SSP tests
showed that the fracture locations are characterised by axisymmetric stress state
(i.e., ξ = ±1) and a maximum triaxiality in the range 0.4-0.5, which are typical
values at the free surface (Myers et al. 2010). This indicates that the impact of the
deviatoric state parameter ξ is minimal for the prediction of fracture in the SSPs.
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6.2.3 Summary of models for predicting fracture under ULCF
This section examined different approaches for predicting fracture initiation in
metals under different loading conditions, i.e., monotonic loading, LCF, and
ULCF. The following models were identified for the prediction of ductile
fracture under ULCF:
• Coffin-Manson relationship and Palmgren-Miner rule: these are
established models for LCF that may also be employed to predict the
ULCF life of metals. The Coffin-Manson equation is calibrated using
various CA tests.
• CVGM: this extension of the established VGM to ULCF is capable of
predicting monotonic and ULCF ductile fracture. The calibration of the
CVGM involves monotonic and ULCF tests on notched specimens, and
complementary FEM simulations.
• Abaqus fracture initiation criterion: this fracture model available in
Abaqus has been applied in combination with a modified SMCS model
(Eqs. 6.13 and 6.14) by Jia & Kuwamura (2015).
These models are employed in this work to predict ductile fracture of the SSPs.
While the CVGM can only be used for prediction of fracture initiation, the Abaqus
fracture initiation model can be combined with an evolution criterion to simulate
the progressive damage and failure of SSPs.
6.3 Prediction of SSP failure using LCF model
As discussed in the previous section, LCF life of metals is typically characterised
by calibrating a Coffin-Manson relationship (Eq. 6.9). To characterise the LCF
life of SSPs, a Coffin-Manson-like relationship that correlates the imposed
displacement amplitude ∆f to the number of cycles applied to fracture Nf is
used:
∆f = ∆0 · (Nf)m (6.17)
where m and ∆0 are parameters to be calibrated using experimental CA tests.
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Them and ∆0 values are obtained by fitting Eq. 6.17 to the ∆f-Nf experimental
data plotted in Figure 6.3. The resulting m value is -0.6, where the estimated ∆0
values are 350 mm and 455 mm for SSP1 and SSP2, respectively.
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Figure 6.3. Coffin-Manson-like relationship for SSP1 and SSP2
The Palmgren-Miner rule (Eq. 6.10) is applied to the three random tests to
verify the ability of the LCF model to predict fracture of the SSPs. Tables 6.1a-c
lists the evolution of the failure index Df over the phases of each random tests,
where fracture is predicted when Df = 1. The results indicate a good correlation
with the experimental results: SSP1 reached full fracture at the end of phases
14 and 9 of Random-1 and Random-2 tests, for which the Miner-Palmgren rule
estimates a value of Df equal to 1.14 and 1.08, respectively; SSP2 fractured at the
end of phase 9 of the random history, for which the damage accumulation rule
estimates aDf value of 0.99. Overall, the ULCF life of SSPs under random loading
protocols can be predicted by the Miner-Palmgren rule.
The Coffin-Manson parameters can be used to simulate the effect of ULCF in
phenomenological models of the SSPs that support collapse analyses. For
instance, the fatigue material model available in the OpenSees software
(Mazzoni et al. 2006) is based on the Miner-Palmgren rule, in combination with
the Coffin-Manson relationship. As presented in Section 7.4.5, the OpenSees
fatigue material is applied to predict the ductile fracture of SSPs.
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Phase ∆f n Nf Df
1 3uy 8 109 0.07
2 6uy 1 35 0.10
3 4uy 9 78 0.22
4 7uy 2 28 0.29
5 6uy 5 35 0.43
6 5uy 3 44 0.50
7 3uy 4 109 0.54
8 7uy 7 28 0.79
9 3uy 2 109 0.81
10 7uy 3 28 0.91
11 3uy 2 109 0.93
12 4uy 2 78 0.96
13 2uy 4 214 0.98
14 5uy 7* 44 1.14
* = Experimental fracture
(a)
Phase ∆f n Nf Df
1 6uy 9 35 0.26
2 7uy 8 28 0.54
3 2uy 2 214 0.55
4 7uy 6 28 0.77
5 5uy 4 44 0.86
6 2uy 6 214 0.89
7 3uy 4 109 0.92
8 5uy 5 44 1.04
9 7uy 1* 28 1.08
* = Experimental fracture
(b)
Phase ∆f n Nf Df
1 6uy 9 59 0.15
2 7uy 8 43 0.34
3 8uy 2 33 0.40
4 7uy 6 43 0.54
5 5uy 4 76 0.59
6 8uy 6 33 0.77
7 3uy 4 168 0.80
8 5uy 5 76 0.86
9 7uy 5* 43 0.99
* = Experimental fracture
(c)
Table 6.1. Miner-Palmgren linear damage accumulation rule: (a) SSP1 Random-1;
(b) SSP1 Random-2; and (c) SSP2 Random
6.4 Calibration of mechanics-based fracture initiation models
The calibration of the two mechanics-based fracture models, i.e., the CVGM and
the Abaqus fracture initiation criterion, involves monotonic and cyclic tests on
CNSs and complementary FEM analyses. The following steps are adopted for
the calibration of both models:
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(a) Monotonic and ULCF tests are conducted on CNSs.
(b) Complementary FEM analyses of the CNS tests are performed in Abaqus
Explicit using a constitutive material model that does not simulate fracture.
(c) Equivalent plastic strain εpl and triaxiality T histories are extracted from the
FEM models at the location where fracture initiates.
(d) εpl and T evolutions are used to integrate the equations of the CVGM and
Abaqus fracture criterion, described in Section 6.2.2. The fracture
parameters, i.e., VGImonoD and λ for CVGM, and αcyclic for the Abaqus
fracture criterion, are identified.
6.4.1 Circumferentially-notched specimen (CNS) tests
CNSs are used for the investigation of ductile fracture initiation under stress
states with high and moderate triaxiality (T > 1/3). The severity of triaxiality at
the centre of the notched cross-section depends on the notch radius R (see Eq.
6.8). In this study, monotonic and cyclic tests were carried out on eighteen CNSs
with three different radii, i.e., R = 2, 3, and 4.5 mm. The same geometries were
also used in Vasdravellis et al. (2014) for the calibration of the SMCS and VGM
for SSPs made of different steel grades. The notched specimens, shown in Figure
6.4, are denoted as CNS-2, CNS-3, and CNS-4.5, and were produced from 16-mm
diameter round bars made of SSD. As summarised in Table 6.2, CNS-2 is
characterised by high triaxiality (T > 1) at the centre of the notch, where CNS-3
and CNS-4.5 have moderate triaxiality (1/3 < T < 1).
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Figure 6.4. Geometry of the tested circumferentially-notched specimens (CNSs)
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Specimen R d T uy
(mm) (mm) (mm)
CNS-2 2 4 1.02 0.14
CNS-3 3 3 0.74 0.094
CNS-4.5 4.5 1.5 0.48 0.063
Table 6.2. CNSs: notch geometry, triaxiality, and yield displacement
A total of six tests, three monotonic and three cyclic, were conducted for each
CNS up to fracture. Two types of ULCF protocols were defined: (a) constant
amplitude (CA), with cycles between 0 and a positive displacement multiple of
the yield displacement uy; and (b) increasing amplitude, i.e., the specimen is
subjected to a series of CA cycles with an amplitude increased by 2uy every four
cycles. Table 6.3 provides a summary of the loading protocols used in this study.
The specimens were instrumented with a 50-mm gauge length extensometer, as
shown in Figure 6.5. The tests were performed in displacement control,
applying a loading rate of 1 mm/min. The imposed displacement was measured
by the extensometer.
The force-displacement curves of the monotonic tests are illustrated in Figure
6.5. The uy values of each CNS are reported in Table 6.2. Figures 6.6-6.8 illustrate
the force-displacement curves for all the cyclic tests. The results show that CNSs
made of SSD have a stable hysteretic response under all the protocols.
Specimen Test ULCF loading protocol N0
CNS-2 1 (4)x[0;4uy]+(4)x[0;6uy]+(2)x[0;8uy]+p.t.f. p.t.f.
2 (22)x[0;5uy] 16
3 (24)x[0;6uy] 18
CNS-3 4 (4)x[0;4uy]+(4)x[0;6uy]+(4)x[0;8uy]+(4)x[0;10uy]+(1)x[0;12uy] 16
5 (21)x[0;8uy] 16
6 (39)x[0;5uy] 32
CNS-4.5 7 (40)x[0;5uy]+p.t.f. p.t.f
8 (4)x[0;4uy]+(4)x[0;6uy]+(4)x[0;8uy]+(4)x[0;10uy]+(2)x[0;12uy] 18
9 (19)x[0;8uy] 18
Note: the number in parentheses indicates the number of cycles, followed by the prescribed
amplitude in square brackets, i.e., (24)x[0;6uy] refers to a specimen subjected to 24 cycles
between 0 and 6 times uy. p.t.f. = pull to fracture.
Table 6.3. Cyclic loading protocols of CNS tests
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A final pull to fracture was applied in two cyclic tests (i.e., 1 and 7). When
subjected to the increasing amplitude sequence (test 1), CNS-2 exhibited
premature buckling at an imposed displacement of 10uy, and therefore the
specimen was pulled to fracture. The force-displacement curve in Figure 6.6
does not show the final pull, because the extensometer was removed. The
remaining cyclic tests of CNS-2 were conducted applying displacements < 10uy
to avoid buckling. Figure 6.8 shows the force-displacement curve of CNS-4.5
under CA = 5uy (test 7). After 40 cycles, the specimen was pulled to fracture, as
no signs of failure were observed. Cyclic histories consisting of several large
inelastic cycles followed by a pull to fracture are still representative of ULCF
(Kanvinde & Deierlein 2007).
Ductile failure of the specimen occurred in all the tests. It was empirically
observed that fracture gradually propagated to free surface of the notch with
increasing cycles, indicating that fracture initiation occurred earlier than the
full-section failure of the CNS. Based on the experimental observations, the cycle
at which fracture initiates in the CNSs, indicated as N0, is identified with a 10%
drop in the experimental force-displacement response. The experimental N0
cycles are reported in Table 6.3.
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Figure 6.5. Monotonic tests on CNSs: force-displacement curves and test set-up
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Figure 6.6. Cyclic tests on CNS-2: force-displacement curves and typical ductile
fracture (from test 3)
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Figure 6.7. Cyclic tests on CNS-3: force-displacement curves and typical ductile
fracture (from test 5)
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Figure 6.8. Cyclic tests on CNS-4.5: force-displacement curves; and typical ductile
fracture (from test 9)
6.4.2 Complementary FEM simulations of CNS tests
Nonlinear three-dimensional FEM models of the CNSs are created in Abaqus.
Figure 6.9 shows the geometry of the FEM model of CNS-2. Only the gauge
length is modelled and it is discretised using C3D8R elements with reduced
integration. The mesh is refined in the notch with an average element size of
0.45 mm along the notch, which was found accurate for capturing the material
behaviour. The experimental displacement history measured by the
extensometer is applied.
The FEM analyses are performed using an explicit direct integration
procedure. While this is generally used for dynamic analysis, it can also be used
for the simulation of highly discontinuous quasi-static problems that involve
contact, damage and failure. In fact, simulating ductile fracture would be
problematic using an implicit analyser (i.e., in Abaqus Standard), as severe
convergence problems may occur (Dassault Syste`mes 2014). To reduce the
computational cost of the quasi-static explicit simulations, the numerical loading
rate is set to be smaller that the experimental one, while the density of the
material is decreased by six orders of magnitude, and a variable mass scaling is
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defined. A minimum stable time increment target value of 0.002 s is iteratively
identified. It is verified that these modelling settings do not introduce inertia
effects, since the ratio of kinetic to internal energy is negligible.
Gauge length
(50 mm)
CNS-2
Figure 6.9. Three-dimensional FEM model reproducing the gauge length of CNS-2
To characterise the tensile response of the SSD material, an isotropic
hardening constitutive model is defined using the true-stress/true-plastic-strain
curve derived in Section 5.3.2. Figure 6.10 compares the numerical and
experimental force-displacement curves of the monotonic tests. While a good
agreement is achieved for CNS-2 and CNS-3, there is a noticeable difference
between the numerical and experimental tensile responses of CNS-4.5. This
scatter, which is not visible in the corresponding cyclic simulations (Figure 6.11),
may be due to a small notch geometry inconsistency in the tested specimens.
To capture the hysteretic behaviour of the SSD material, an elastic plastic
material model with combined isotropic and kinematic hardening is used. A
detailed description of this constitutive model is provided in Section 4.2.1.
Several simulations are iteratively conducted to identify the combined
hardening parameters. Figure 6.11 shows the comparison between the
experimental and numerical force-displacement curves of CNS-2, CNS-3 and
CNS-4.5 under CA loading. A good correlation with the experimental
force-displacement curves is achieved using the following values: σ0 = 400 MPa,
C1 = 6,500 MPa, γ1 = 30, C2 = 100,000 MPa, γ2 = 700, b = 5, and Q∞ = 200 MPa.
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Figure 6.10. Tensile tests on CNSs: experimental-numerical comparison of force-
displacement curves
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Figure 6.11. Experimental-numerical hysteresis of CNSs (without fracture
simulation)
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6.4.3 Calibration of CVGM
The parameters of the CVGM, i.e., VGImonoD and λ, are calibrated following the
procedure described in Kanvinde & Deierlein (2007). The complementary FEM
simulations of the monotonic CNS tests presented in the previous section are used
to identify VGImonoD . Then, the cyclic damage parameter λ is estimated using the
numerical analyses of the cyclic coupon tests.
The triaxiality T and plastic strain εpl histories are extracted at fracture
location, typically at the centre of the notch. However, in CNS-2, these are taken
at the free surface of the notch, where a concentration of plastic deformation is
numerically observed (Figure 6.12). This is in line with observations of Jia &
Kuwamura (2014) for specimens with a sharp notch, such as CNS-2.
PEEQ and TRIAX 
evolutions
4.107
3.765
3.422
3.080
2.738
2.396
2.053
1.711
1.369
1.027
0.684
0.342
0.000
PEEQCNS-2
(gauge length)
Figure 6.12. CNS-2: equivalent plastic strain contour in the notch
The extracted T and εpl evolutions are used to integrate Eq. (6.4) up to
fracture initiation, which is assumed coincident with failure (Kanvinde &
Deierlein 2007). As shown in Figure 6.10, failure under monotonic loading is
associated with the sudden drop in the force-carrying capacity of the specimen.
The obtained VGImonoD values for the three CNS geometries, summarised in Table
6.4, show a small standard deviation (in the region of 10%). The mean VGImonoD =
2.88 is in agreement with the results presented in Vasdravellis et al. (2014),
where VGImonoD = 2.87 was found for the SSD material.
The coefficient λ represents the rate at which VGImonoD degrades under cyclic
loading, as expressed in Eq. (6.12). The λ value is determined by deriving a
relationship between the VGIcyclicD /VGI
mono
D ratio and the associated ε
pl
start at
fracture initiation (Kanvinde & Deierlein 2007). VGIcyclicD values are calculated by
integrating Eq. (6.11) using T and εpl evolutions, up to the experimental fracture
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Specimen VGImonoD
CNS-2 2.66
CNS-3 3.21
CNS-4.5 2.77
Mean 2.88
Std dev 0.29
Table 6.4. Summary of VGImonoD values for the CNS tests
initiation cycle N0 (see Table 6.3). By fitting an exponential function to the
resulting VGIcyclicD /VGI
mono
D − εplstart data, plotted in Figure 6.13, it is obtained that
λ = 0.12. Since λ is in the range 0−1 for structural steels, this small λ value
reflects the slow cyclic deterioration process exhibited by the coupon specimens
under ULCF.
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Figure 6.13. Calibration of λ based on VGIcyclicD /VGI
mono ratios and associated εplstart
values from CNS tests
6.4.4 Calibration of Abaqus fracture initiation criterion
This section presents the calibration of the Abaqus fracture criterion for
predicting fracture under ULCF. As discussed in Section 6.2.2, Jia & Kuwamura
(2015) calibrated αcyclic using monotonic tests on round specimens, to predict
fracture under specific ULCF protocols characterised by few small cycles
followed by a monotonic pull to fracture. However, the calibration of the CVGM
has shown that ductile fracture of the CNSs under ULCF involves large
cumulative plastic strains, indicating that αcyclic has to be calibrated using the
cyclic CNS tests rather than monotonic.
Therefore, the calibration of the fracture parameter αcyclic is performed
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against the cyclic CNS tests, using the same εpl and T histories extracted for the
CVGM calibration. The fracture initiation index ωD is determined by integrating
Eq. (6.14). The αcyclic value is iteratively determined imposing ωD = 1 at the start
of N0-th cycle.
Comparison of the experimental and numerical force histories of cyclic test
no. 3 on CNS-2 is plotted in Figure 6.14a, with the indication of the N0 cycle,
i.e., fracture initiation (see Table 6.3). Figure 6.14b shows the corresponding ωD
history, where ωD = 1 at N0 = 18 for αcyclic = 10. The fracture initiation index
histories for the remaining cyclic tests are shown in Figure 6.15.
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Figure 6.14. CNS-2 (test 3): (a) experimental-numerical force history; and (b) ωD
history
Specimen Cyclic test N0 αcyclic
CNS-2 1 p.t.f. 9.0
2 16 5.5a
3 18 10.0
CNS-3 4 16 11.2
5 16 13.4
6 32 9.9
CNS-4.5 7 p.t.f. 11.6
8 18 9.5
9 18 10.2
Mean 10.6
Std dev 1.4
a Value ignored as not representative.
Table 6.5. Summary of αcyclic values for the CNS tests
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Figure 6.15. Calibration of Abaqus fracture initiation parameter αcyclic for CNS tests
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A summary of the αcyclic values obtained for all tests is reported in Table 6.5.
The excessively small αcyclic for no. 2 test reflects the limited fracture capacity
exhibited by the specimen, which sustained fewer cycles than in test 3, despite
being subjected to a smaller amplitude. Therefore, αcyclic = 5.5 is disregarded. The
statistics show that the αcyclic values have a relatively small dispersion, with a
mean value of 10.6. For the simulation of the ductile fracture behaviour of SSPs
under ULCF, αcyclic = 10 can be conservatively used in Eq. (6.13) to define the
εplD(T ) function. Figure 6.16 illustrates the modified SMCS with αcyclic = 10 and the
cut-off at T = −1/3.
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Figure 6.16. Abaqus fracture initiation model calibrated for ULCF
6.5 Calibration of Abaqus fracture evolution parameters
This section describes the calibration of the Abaqus fracture evolution parameters
following the methodology developed by Pavlovic et al. (2013).
In the cyclic tests of SSPs, fracture initiation was characterised by small
cracks, which gradually propagated up to the full-section failure of the
specimen. To simulate the progressive degradation of the material following
fracture initiation, Abaqus offers a damage evolution model based on the
approach proposed by Hillerborg et al. (1976). The stress-strain definition can
not accurately capture the degradation of the material, since strain localisation
would introduce a strong mesh dependency. Abaqus overcomes this issue by
introducing a damaged stress-displacement response (Dassault Syste`mes 2014).
The damage evolution variable, denoted as Devol, is specified as a function of the
equivalent plastic displacement upl. The latter depends on the characteristic
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length of a finite element Lchar, as expressed in Eq. (6.18):
u˙
pl
= Lchar ε˙
pl (6.18)
Before fracture initiation, u˙pl = 0. Since Lchar depends on the geometry and
formulation of the finite element, the mesh dependency of the results is reduced
(Dassault Syste`mes 2014). In addition, the damage evolution capability offers
the removal of the elements from the mesh when Devol = 1.
Pavlovic et al. (2013) developed a practical procedure for the calibration of the
Abaqus fracture evolution parameters based on tensile coupon tests on round
bars. This study applies the methodology by Pavlovic et al. (2013), described
below, to the results of the round bar tests presented in Section 5.3.2.
To account for strain localisation after necking, Pavlovic et al. (2013)
introduced a variable gauge length l, as defined in Eq. (6.19):
l = L0 + (Lloc − L0)
(
L− Ln
Lf − Ln
)c
(6.19)
where L is the extensometer elongation, L0 is the initial gauge length (i.e., 50
mm), Ln and Lf are the extensometer elongations at necking and fracture, Lloc
identifies the necking zone, and c is the localisation rate factor (c = 0.5). All these
parameters are known from the round bar tests conducted in this study, with
the exception of Lloc, determined by Pavlovic et al. (2013) using digital image
correlation measurements.
In absence of experimental data, Lloc is numerically identified by developing a
FEM simulation of the round bar test. Figure 6.17a shows the three-dimensional
model of the round bar. The same isotropic hardening material model defined
for the simulation of the CNS monotonic tests is used. Figure 6.17b compares the
experimental and numerical stress-strain curves, indicating that the FEM model
is capable of tracing the monotonic response of the round bar. Figure 6.18a shows
the distribution of true strains over the length of the specimen. By applying the
principle of equal areas to the averaging areas of high and low strains, it is found
that Lloc = 6.2 mm.
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Figure 6.17. Round bar FEM model: (a) boundary conditions; and (b) experimental
and numerical stress-strain curves
The damaged material engineering strain ei,dam at the i-th instant is computed
using l, as expressed in Eq. (6.20):
ei,dam = ei−1 +
Li − Li-1
li
(6.20)
The damaged material true stress and true plastic strain are then calculated using
Eqs. (6.21) and (6.22):
εpldam = ln(1 + edam)− εy (6.21)
σdam = S(edam + 1) (6.22)
Figure 6.18b illustrates the obtained σdam−εpldam curve of SSD undergoing damage.
The undamaged material response (dashed) is given by the tangent to the true-
stress/true-plastic-strain curve at the necking point.
The equivalent plastic displacement upl is calculated using Eq. (6.23):
upl = uplf ·
εpldam − εpldam,n
εpldam,f − εpldam,n
(6.23)
where εpldam,n and ε
pl
dam,f are the true damaged plastic strains at necking and
fracture. The equivalent plastic displacement at fracture uplf is given by Eq (6.24):
uplf = Lchar · (εplf,dam − εpln,dam) (6.24)
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Figure 6.18. Calibration of fracture evolution model: (a) strain localisation effective
length; and (b) damaged material stress/true-plastic strain response of SSD
where Lchar is the characteristic length of a finite element, given by the product
of the element size LE and a factor λE accounting for the element type, e.g., λE =
2.5− 3.2 for C3D8R elements (Pavlovic et al. 2013).
The evolution of the damage variable Devol is specified as a tabular function
of upl. The element is eventually removed from the mesh when the condition in
Eq. (6.25) is satisfied (Dassault Syste`mes 2014):
Devol = 1− σdam
σ
= 1 (6.25)
To account for the effect of the typically non-uniform distribution of damage over
the cross-section of a specimen, a factor αD = 1.5 should be applied to Devol.
0 0.2 0.4 0.6 0.8 1
0
0.2
0.4
0.6
0.8
1
Dr
upl (mm)
D
ev
ol
Figure 6.19. Fracture evolution model calibrated for the round bar FEM model
Figure 6.19 shows the calibrated damage evolution for the round bar. The
specimen is discretised using C38DR elements and a mesh size of 1 mm, i.e., λE =
3.1 and LE = 1 mm. The critical value Dr = 0.35 corresponds to the rupture point,
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where a sudden loss in the force-carrying capacity occurs (see Figure 6.18b). The
value of Dr is typically in the range of 0.2-0.65 for most steels subjected to tensile
loading (Bonora et al. 2006, Lemaitre 1985).
6.6 Validation of Abaqus fracture parameters for coupon tests
This section presents the explicit fracture simulation of the coupon tests on round
bars and CNSs, under both monotonic loading and ULCF. The Abaqus fracture
initiation and evolution parameters are inputted in the FEM models of the round
and notched specimens.
6.6.1 Fracture simulation of monotonic coupon tests
To simulate ductile fracture under monotonic loading, the calibrated evolution
parameters are combined with a fracture initiation criterion defined as the SMCS
model (Eq. 6.5). The fracture initiation parameter αmono is calibrated against the
monotonic CNS tests.
The calibration of the fracture evolution parameters proposed by Pavlovic
et al. (2013), and adopted in this study, is based on the assumption that fracture
initiates at necking. Therefore, the Abaqus fracture initiation parameter αmono is
calibrated by imposing that ωD = 1 at necking.
The numerical force evolutions for the three monotonic tests on CNSs (Figure
6.20a) are used to identify the instant associated with fracture initiation. The
triaxiality T and plastic strain εpl histories extracted at fracture location are used
to integrate Eq. (6.5). The ωD evolutions, shown in Figure 6.20b, are obtained
using αmono for which ωD = 1 at necking. As summarised in Table 6.6, the statistics
of calibrated αmono show a mean value of 0.86 and a small standard deviation.
Therefore, αmono = 0.8 is conservatively used for the explicit fracture simulations
of the monotonic coupon tests.
The results of the explicit fracture simulations of the monotonic tests on
round and notched specimens are presented below. Comparison of the
experimental and numerical force-displacement curves of the round bar tests,
plotted in Figure 6.21a, shows the ability of the FEM model to trace degradation
and fracture of the material. Figure 6.21b illustrates the round bar in the final
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Figure 6.20. Calibration of Abaqus fracture initiation parameter αmono for
monotonic tests of CNSs
Specimen αmono
CNS-2 0.83
CNS-3 0.96
CNS-4.5 0.80
Mean 0.86
Std dev 0.09
Table 6.6. Summary of αmono values for the CNS tests
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stages of the numerical simulation: ductile fracture initiates at the centre of the
specimen following necking; then it evolves with the deletion of elements
having reached Devol = 1, up to the full section of the specimen.
The tensile tests of CNSs are simulated using a modified damage evolution
model that accounts for the different mesh size LE in the notch area (see Table
6.7). Figure 6.22 shows that a good correlation is achieved between the numerical
and experimental force-displacement responses of the CNSs.
0 10 20 30 40
0
20
40
60
80
100
(1)
(2)
(3)
Displacement (mm)
Fo
rc
e
(k
N
)
Round bar
Test 1
Test 2
Test 3
FEM
(a)
(1)
(2)
(3)
(b)
1
Figure 6.21. Round bar tests: (a) experimental and numerical force-displacement
curves; and (b) FEM simulation of ductile failure
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Figure 6.22. Tensile CNS tests: experimental-numerical force-displacement curves
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Overall, the calibrated Abaqus fracture parameters for monotonic loading
allow for an accurate simulation of ductile fracture initiation and evolution, both
in round and notched specimens.
6.6.2 Fracture simulation of ULCF coupon tests
Fracture simulations of the CNS tests under ULCF are performed using the same
fracture evolution parameters as in the monotonic analyses, and the calibrated
αcyclic = 10 for fracture initiation (see Section 6.4.4). One representative test is
explicitly simulated for each notched geometry. The experimental and numerical
hystereses and force evolutions of the cyclic tests are shown in Figure 6.23. It
can be seen that the calibrated Abaqus fracture models are capable of tracing the
ULCF fracture behaviour of the CNSs.
As expected, the simulation of ductile fracture initiation is consistent with
the experimental fracture initiation cycle N0, as shown in Table 6.7. Following
fracture initiation, the FEM simulations are able to trace the degradation of the
SSD material in the notch area up to the full-section failure of the specimen. The
comparison between the number of cycles to failure sustained by each specimen
and the corresponding numerical prediction (Table 6.7) shows that the fracture
evolution parameters provide a good agreement with the experimental fracture
behaviour.
Overall, the Abaqus fracture evolution model, combined with the initiation
criterion, is found to accurately simulate the ductile fracture response of coupon
specimens subjected to various ULCF protocols. This indicates that the
calibrated Abaqus fracture parameters can be used for explicitly simulating the
ductile fracture response of SSPs under ULCF.
Specimen Test Fracture initiation N0 Failure
Test FEM FEM-test LE Test FEM FEM-test
(cycle) (cycle) (cycle) (mm) (cycle) (cycle) (cycle)
CNS-2 3 18 18 0 0.45 24 23 −1
CNS-3 6 32 32 0 0.33 39 39 0
CNS-4.5 9 18 17 −1 0.13 19 21 +2
Table 6.7. Abaqus predictions of fracture initiation and failure of CNS tests versus
experimental results
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Figure 6.23. Fracture simulation of ULCF tests on CNSs versus experimental
results: (a) force-displacement responses; and (b) force histories with indication
of experimental ductile fracture initiation (cycle no.)
6.7 Explicit FEM simulations of SSP tests
For the simulation of fracture in the SSPs, three-dimensional FEM models are
developed. This section presents the details of the FEM modelling and the
validation of the hysteretic response of the SSPs against the experimental tests
conducted in Chapter 5.
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6.7.1 Three-dimensional FEM models of SSP tests
Three-dimensional FEM models of the full-scale tests on SSPs are developed in
Abaqus. The detailed models of the two SSP geometries, tested in Chapter 5, are
illustrated in Figure 6.24. Only half of the test setup is reproduced in full detail,
due to its symmetric geometry. Of the upper supporting plate, only the lower
40-mm thick plate is modelled. The steel collar and the triangular stiffeners are
included in the model, along with the steel plate that was welded to restore the
boundary conditions in the SSP2 tests (see Figure 5.18a).
SSP1 FEM model SSP2 FEM model
Steel
collar
Steel
collar
Welded
steel plate
Triangular stiffenerTriangular stiffener
Lower supporting plate
Upper 
supporting 
plate
Upper 
supporting 
plate
Lower supporting plate
SSP2
SSP1
Figure 6.24. View of the three-dimensional FEM models of SSPs
Figure 6.25 illustrates the mesh discretisation applied to the FEM model of
SSP1, along with the boundary conditions. A symmetry condition is defined for
the surfaces on the symmetry plane. To simulate the grip of the testing machine
jaw faces, the surface of the vertical plate welded to the bottom plate assembly is
fully restrained. Displacement is applied to the upper supporting plate
assembly. All the parts of the model are discretised using solid elements with
reduced integration, denoted as C3D8R elements in Abaqus. A relatively coarse
mesh is used for the steel plate assemblies, while a more refined mesh is applied
to the SSPs, where inelastic deformations and fracture were experimentally
observed. Given that the model is used to simulate relatively long cyclic loading
protocols, a trade-off between computational time and the size of the mesh
resulted in an average mesh size of 3 mm in the bending parts of the SSPs.
Considering that, unlike fracture in existing crack tips or sudden geometric
changes, the stress state in the SSPs is smooth, the mechanics-based fracture
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models are less sensitive to the mesh size (Vasdravellis et al. 2014), and,
therefore, the adopted mesh is considered acceptable.
Symmetry plane
Fixed face
Figure 6.25. FEM model of SSP1: mesh discretisation and boundary conditions
Surface-based tie constraints, which impose equal displacements among the
nodes of two surfaces, are used for modelling the welded joints in the two steel
plate assemblies, i.e., between the lower and vertical plates, the triangular
stiffeners at the base of the plates, and the steel washer welded onto the SSP. A
general contact algorithm is defined to simulate the interaction between the
specimen and the holes of the supporting plates. Based on experimental
measurements, a clearance of 0.1 mm and 0.3 mm is used for the SSP1 and SSP2
models, respectively. A contact property with normal and tangential behaviour
with a friction coefficient equal to 0.2 is defined.
The hysteretic behaviour of the SSD material is simulated by the elastic plastic
material model with combined isotropic and kinematic hardening, previously
calibrated in Section 6.4.2. An elastic plastic material with isotropic hardening
behaviour is defined for the steel assemblies made of S355. The yield stress was
conservatively reduced to 300 MPa to account for the large thickness of the steel
plates (40−60 mm), since the yield stress reduces with increasing plate sections
(EN 10025-2 2004).
The FEM model of SSP1 consists of 11,983 elements, 15,718 nodes, and 47,319
degrees of freedom, while a typical mesh for the FEM model of SSP2 is made of
13,023 elements, 16,469 nodes, and 49,972 degrees of freedom.
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6.7.2 Explicit FEM simulations without fracture
The ability of the FEM models of tracing the hysteresis of SSPs is validated against
the experimental results. For this purpose, the ULCF tests for each geometry are
simulated without specifying any fracture criteria.
Displacement-controlled analyses are conducted in Abaqus Explicit under
quasi-static loading conditions in the large displacement/strain nonlinear
regime. The time step for one cycle is set equal to 60 s, so that the loading rate is
relatively low and no dynamic effects influence the analysis. For instance, for an
imposed amplitude of 49 mm, the load is applied at around 3 mm/s. To ensure a
stable analysis, the density of the material is decreased by six orders of
magnitude, and the displacement history is applied with a periodic amplitude.
Based on the mesh size, a stable target time increment equal to 0.0001 s was
iteratively identified.
The typical runtime for one imposed cycle is about 1h on a second-generation
intel i7 CPU at 3.40 GHz and 16 GB of RAM running on a 64-bit Windows 7
platform. The total computational time of a cyclic analysis is in the range of 1-3
days, depending on the number of the cycles to failure.
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Figure 6.26. Experimental and numerical (without fracture criteria) hystereses: (a)
SSP1 (CA = 7uy); and (b) SSP2 (CA = 6uy)
Figure 6.26a shows the comparison of the numerical and experimental
hystereses of SSP1 under CA = 7uy (no. 2 test). The results indicate that the FEM
model is capable of tracing well the nonlinear behaviour of the specimen. A
similar correlation is found for the simulation of SSP2 under CA = 6uy (no. 12
test), as illustrated in Figure 6.26b. In this case, the FEM model slightly
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overestimates the maximum forces in compression, where the reduced
hardening behaviour experimentally exhibited by SSP2 is not captured (see
Section 5.7.1). It can be observed that the FEM simulations capture the pinching
effect at zero force, indicating that the clearance between the SSPs and the holes
of the supporting plates is accurate.
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Figure 6.27. Comparison of experimental and numerical deformed shapes for
SSP1 in test 2, with PEEQ contour plots at 10th cycle and experimental plastic
deformations at the free surface in section 2
FEM model – SSP2Test – SSP2
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Figure 6.28. Experimental and numerical axial expansion of SSP2
Figure 6.27 illustrates the numerical and experimental deformed shapes of
SSP1 at the 10th cycle of no. 2 test. The contours of the equivalent plastic strains
(PEEQ) are plotted on the steel pin: the maximum εpl values are concentrated
at the free surface at the middle of a half bending part in sections 1 and 2, in
120
Chapter 6. Prediction and Numerical Simulation of Ductile Fracture in SSPs
agreement with the experimental evidence. In addition, the FEM model is also
able to capture the axial elongation of the specimen, as shown in Figure 6.28 by
the experimental-numerical comparison of the deformed shape for SSP2.
6.8 CVGM prediction of SSP fracture initiation under ULCF
The CVGM is applied to the ULCF tests of SSPs using the Abaqus explicit
simulations described in the previous section. Stress and strain histories are
extracted at the free surface in the area where plastic deformations are
concentrated. As shown in Figure 6.27, the fracture location is at the centre of the
half bending parts, in accordance with the experimental evidence.
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Figure 6.29. CVGM fracture prediction in SSP2 under CA = 6uy
The extracted T and εpl histories are used to integrate Eqs. (6.11) and (6.12).
VGImonoD = 2.88 and λ = 0.12 calibrated in Section 6.4.3 are applied. Figure 6.29
shows the evolutions of VGIcyclic and VGIcyclicD for the CA = 6uy test of SSP2.
While VGIcyclic varies with the sign of T , VGIcyclicD is a stepwise function starting
at VGImonoD , and decreasing at the start of each VGI
cyclic cycle according to the
exponential decay function given by Eq. (6.12). The intersection of the VGIcyclicD
and VGIcyclic curves indicates fracture initiation. The CVGM prediction of
fracture initiation is consistent with the N0 cycle observed in the test. The
application of the CVGM to other tests (Random, CA = 7uy and 5uy) shown in
Figure 6.30 reveals a good agreement with the corresponding experimental
evidence.
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The CVGM fracture initiation predictions are summarised in Table 6.8 for all
the tests. The results indicate that the calibrated CVGM parameters predict with
good accuracy fracture initiation, with a maximum error of 12%.
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Figure 6.30. CVGM fracture prediction in SSPs: (a) random tests; (b) CA = 7uy tests;
and (c) CA = 5uy tests
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Specimen Test Protocol Fracture initiation N0
Test CVGM CVGM−test
(cycle no.) (cycle no.) (cycle) (% error)
SSP1 2 CA = 7uy 21 19 −2 −10%
3 CA = 6uy 25 28 +3 +12%
4 CA = 5uy 31 29 −2 −6%
5 CA = 4uy 43 42 −1 −2%
6 Random-1 35 35 0 0%
7 Random-2 25 28 +3 +12%
SSP2 10 CA = 8uy 30 33 +3 +10%
11 CA = 7uy 36 36 0 0%
12 CA = 6uy 41 41 0 0%
13 CA = 5uy 45 45 0 0%
14 CA = 4uy 54 48 −6 −11%
15 Random 40 42 +2 +5%
Table 6.8. CVGM prediction of fracture initiation in SSPs versus experimental tests
6.9 Abaqus explicit simulation of SSP fracture under ULCF
Explicit fracture simulations of the SSPs are performed in Abaqus using the
fracture initiation and evolution parameters calibrated in the previous sections.
This section presents the results of the fracture simulation of ULCF tests.
Additional simulations of the two monotonic tests on SSPs, presented in
Appendix C, provide an estimation of the fracture capacity of SSPs under
monotonic loading.
The Abaqus initiation criterion parameter for ULCF, i.e., αcyclic = 10, calibrated
in Section 6.4.4, is used in combination with the fracture evolution parameters
presented in Section 6.5. The latter are modified based on the mesh discretisation
of the SSP bending parts.
The fracture initiation from the explicit simulations is compared with the
experimental evidence in Figure 6.31, where the contours of the fracture
initiation index, denoted as DUCTCRT in Abaqus, are plotted on the deformed
SSPs. It can be seen that the numerical model simulates fracture initiation on the
free surface at the centre of half bending parts, indicated as sections 1 and 2, in
perfect agreement with the experimental tests.
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Figure 6.31. Experimental and numerical fracture sections of SSPs
The evolution of the variables governing ductile fracture, extracted from the
simulation of SSP2 under the random protocol, are shown in Figure 6.32. The
history of the fracture initiation index ωD in Figure 6.32a shows that fracture
initiation is predicted during the 41st cycle (i.e., ωD = 1); from that point, the
finite element stiffness undergoes degradation, leading to its removal from the
mesh in the next cycle when Devol = 1. The T history over three cycles of the
simulation (Figure 6.32b), shows that triaxiality at the fracture section is
characterised by alternating cycles of tension and compression, with maximum
values in the range of 0.33-0.4. It can also be observed that, below the cut-off
value of T = −1/3, no damage is accumulated, being ωD constant. The histories
of ωD and εpl (Figure 6.32d) show that εpl monotonically increases both in tension
and compression, while the fracture initiation index accounts for inhibition of
fracture under compression. In addition, the stress state is characterised by
axisymmetric condition, i.e., ξ = ±1, as shown in Figure 6.32c.
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Figure 6.32. Evolution of stress, strain and fracture indices at the fracture section
(SSP2 Random test): (a) ωD and Devol; (b) ωD and T ; (c) ξ; and (d) ωD and εpl
The results of fracture initiation predictions for all the ULCF test simulations
are summarised in Table 6.9, where the cycle at which fracture initiates N0 is
compared with the experiments. Since the predictions are within ±10% error, it
can be concluded that the calibrated Abaqus fracture initiation criterion is
capable of providing an accurate prediction, even for the random tests.
Comparison of these results with the CVGM predictions from Table 6.8 shows
that the calibrated mechanics-based models applied to the ULCF tests of SSPs
provide a similar prediction of fracture initiation.
Following fracture initiation, the numerical force-carrying capacity of the
SSPs decreases as a result of the deletion of elements from the mesh according to
the fracture evolution model. Figure 6.33 compares the simulated fracture
evolution with the experimental photographic evidence of two representative
cyclic tests (no. 2 and 12). The results show that the calibrated FEM model has
the ability of accurately capturing the ULCF ductile fracture mechanism.
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Specimen Test Protocol Fracture initiation N0
Test Abaqus Abaqus−test difference
(cycle no.) (cycle no.) (cycle) (% error)
SSP1 2 CA = 7uy 21 21 0 0%
3 CA = 6uy 25 26 +1 +4%
4 CA = 5uy 31 29 −2 −6%
5 CA = 4uy 43 40 −3 −7%
6 Random-1 35 36 +1 +3%
7 Random-2 25 26 +1 +4%
SSP2 10 CA = 8uy 30 32 +2 +7%
11 CA = 7uy 36 37 +1 +3%
12 CA = 6uy 41 42 +1 +2%
13 CA = 5uy 45 45 0 0%
14 CA = 4uy 54 49 −5 −9%
15 Random 40 41 +1 +3%
Table 6.9. Prediction of fracture initiation in SSPs according to Abaqus fracture
model versus experimental tests
However, comparison of the numerical and experimental force histories of the
same tests in Figure 6.34 reveals that, once fracture initiates, the numerical
force-carrying capacity decreases at a faster rate than in the experiments. A
similar response can be seen in the numerical-experimental force evolutions of
the remaining tests, illustrated in Figures 6.35, 6.36, and 6.37. This indicates that
the FEM simulation tends to underestimate the numbers of cycles to failure. For
instance, simulations of CA = 4uy tests show a premature degradation of the
force-carrying capacity of SSPs. Such discrepancy can be attributed to the
relatively coarse mesh applied to the SSP bending parts. For an improved
accuracy in simulating fracture evolution, a refined mesh should be ideally used
at fracture locations; however, this would result in a significant increase in
computational time.
Overall, the Abaqus fracture simulations provide an accurate prediction of
fracture initiation of the SSPs under ULCF, but tend to overestimate the rate of the
material degradation after initiation. This could be improved by either increasing
the mesh size in the fracture locations or adopting a different evolution model.
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Figure 6.33. Comparison of experimental and numerical ductile fracture evolution
in section 2 for: (a) SSP1; and (b) SSP2
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Figure 6.34. Experimental-numerical comparison of force histories of SSPs with
indication of the fracture initiation cycle: (a) test 2; and (b) test 12
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Figure 6.35. Experimental-numerical force histories of SSP1: CA tests
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Figure 6.36. Experimental-numerical force histories of SSP2: CA tests
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Figure 6.37. Experimental-numerical force histories of SSPs: random tests
6.10 Conclusions
This chapter investigated the ductile fracture of the SSPs employed in the dual
CBF-MRF. To characterise the fracture capacity of SSPs under ULCF, a LCF
model and two mechanics-based models, i.e., the CVGM and the Abaqus
fracture criterion, were employed. While the LCF model, based on a
Coffin-Manson-like relationship and Miner-Palmgren linear damage
accumulation rule, predicts the fatigue life of the SSPs, i.e., full-section fracture,
the mechanics-based criteria simulate ductile fracture initiation. The fracture
initiation parameters of the CVGM and Abaqus criterion were calibrated against
monotonic and ULCF tests on CNSs. In addition, the Abaqus initiation criterion
was combined with a fracture evolution model, which allows to simulate the
progressive damage following initiation. The fracture evolution parameters
were calibrated against monotonic coupon tests following the method proposed
by Pavlovic et al. (2013). The Abaqus fracture parameters for initiation and
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evolution were validated against coupon tests. Three-dimensional FEM models
of the SSPs were developed in Abaqus to simulate their hysteretic behaviour
and fracture response. The CVGM was used to predict fracture initiation in the
SSPs, while the Abaqus criteria were applied to explicitly simulate fracture
initiation and evolution. Based on the results presented in this chapter, the
following conclusions are drawn:
• The validation of the Miner-Palmgren rule against the random tests on SSPs
indicates that the calibrated Coffin-Manson-like parameters can be used in
a fatigue model to predict the SSP failure.
• The application of the CVGM and the Abaqus fracture criterion to the
ULCF tests of SSPs provides an accurate prediction of their ductile fracture
initiation, with an error in the region of 10% against experimental
evidence.
• The simulation of fracture evolution under ULCF using the calibrated
Abaqus parameters provides a good agreement for the coupon tests, while
for the SSPs the explicit simulations generally underestimate the number
of cycles to failure. This might be due to the larger mesh size employed for
the SSPs.
• The CVGM and Abaqus fracture initiation parameters can potentially be
used to predict the ULCF fracture capacity of SSPs having different
geometries and boundary conditions, without the need for further
experimental investigation. It is worth noting that the parameters of the
Abaqus fracture initiation model are valid only under ULCF conditions,
while the CVGM has the advantage of being suitable for predicting
fracture under either monotonic or ULCF loading.
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Assessment of Seismic Collapse Potential of the Dual
CBF-MRF
7.1 Introduction
When storey drifts are severe, a seismic-resistant frame may reach global
collapse due to dynamic instability. P − ∆ effects generate secondary actions
that may not be resisted by the structure (Ibarra et al. 2005). This collapse mode,
known as sidesway instability, can be substantially accelerated by the
deterioration in stiffness and strength of structural components subjected to
repeated plastic deformation (Karamanci & Lignos 2014). As cyclic degradation
typically represents a primary contributor to collapse, modelling its effects is
essential for predicting the collapse capacity of structural systems (Krawinkler &
Zareian 2007).
Variability in ground motion characteristics and uncertainties in modelling
and analysing structural systems contribute to the complexity of collapse
prediction (Bruneau et al. 2011). To account for all these sources of uncertainty,
probabilistic approaches have been recently proposed. The FEMA P695 (2008)
document provides a methodology for quantifying the building collapse
performance. Fragility curves are constructed using the results of incremental
dynamic analysis (IDA) (Vamvatsikos & Cornell 2002), in which the structure is
subjected to a set of ground motions progressively scaled up until collapse is
reached. A low probability of collapse (i.e., <10%) is required for a
well-designed structure under the MCE hazard level (FEMA P695 2008). As
discussed in Chapter 2, seismic resilient structures should achieve even lower
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collapse probabilities.
This chapter presents the collapse potential evaluation of the proposed dual
CBF-MRF. The procedure adopted for the collapse assessment is shown in
Figure 7.1. The 6-storey prototype frame designed in Chapter 3 is now revised
based on the experimental results of the two SSPs geometries available from
Chapter 5. The beam-solid FEM model of the dual frame employed in Chapter 4
is modified to explicitly account for ductile fracture in SSPs, modelled using
connector elements. A plastic motion-based fracture macro-model capable of
simulating ductile fracture under ULCF is validated against the experimental
results presented in Chapter 5. IDA are conducted using the simplified model of
the CBF-MRF under the same set of 22 far-field employed for the nonlinear
time-history analyses in Chapter 4. The results of IDA are finally used to
construct a fragility curve, providing a probabilistic evaluation of the collapse
capacity of the dual frame. The influence of ground motion duration on the
dynamic response of the proposed frame is also investigated.
Finite Element Model
2
Incremental Dynamic Analyses (IDA)
3
Collapse Performance Evaluation
4
Full-scale test results (Chapter 5)Hysteretic and ductile fracture models for SSPs
Simplified beam-shell model (Chapter 4)
Fragility curve: probability of collapse
FEMA P695 ground motions (Chapter 4)
Prototype Building
1
SSP1 & SSP2 geometries (Chapter 5)Dual CBF-MRF  
Additional long duration ground motions
Figure 7.1. Procedure for seismic collapse evaluation of the dual CBF-MRF
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7.2 Revised prototype building
The 6-storey prototype building described in Chapter 3 is used for the collapse
potential assessment of the CBF-MRF. Since the original design of the dual frame
had five different SSP geometries over the six storeys, a revised design is
developed using only the two experimentally-tested SSP geometries. Following
the design methodology adopted in Section 3.5, the energy dissipative braces are
designed using either SSP1 or SSP2, while maintaining similar yield force Fy,tot
and global stiffness Ktot to the original CBF-MRF design. The SSP1 geometry is
used for storeys 1 to 4, while SSP2 for the top storeys 5 and 6. The two design
versions are compared in Table 7.1. The beam, column and brace sections are the
same as in the original design. The fundamental period of vibration of the
revised CBF-MRF is 0.78 s, comparable to that of the original frame (i.e., 0.75 s).
Design Storey Geometry nSSP De Di LSSP Fy,tot Ktot
(mm) (mm) (mm) (kN) (N/mm)
Original 6 ∼SSP2 4 36 18 210 240 42,000
(Chapter 3) 5 − 4 42 24 230 350 59,000
4 ∼SSP1 4 50 24 230 540 80,000
3 SSP1 4 50 24 225 560 80,000
2 − 6 46 22 215 650 108,000
1 − 6 46 22 215 650 108,000
Revised 6 SSP2 4 40 18 225 300 44,000
(Chapter 7) 5 SSP2 5 40 18 225 375 55,000
4 SSP1 4 50 24 225 600 80,000
3 SSP1 4 50 24 225 600 80,000
2 SSP1 5 50 24 225 750 100,000
1 SSP1 5 50 24 225 750 100,000
Table 7.1. SSP design details for the original and revised dual CBF-MRF
7.3 Nonlinear FEM model of the dual CBF-MRF
The simplified FEM model of the dual CBF-MRF developed for the nonlinear
time-history analyses (Section 4.5.1) is now used for the collapse assessment of
the system. The beam-solid model, shown in Figure 7.2, is capable of simulating
some of the mechanisms that can lead to collapse under extreme ground
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motions, including the P − ∆ effects from the gravity frame, and the
deterioration of the beam fuses. However, the FEM model does not explicitly
simulate ductile fracture of the SSPs, which is a critical failure mode for the dual
frame. Therefore, to ensure a reliable collapse evaluation of the dual frame, a
fracture criterion is introduced in the nonlinear connectors modelling the SSPs,
as explained below.
Truss
Beam element cross-sections rendering
Solid 
beam fuse
Lean-on colum
n
Beam
C
ol
um
n
Figure 7.2. View of the simplified FEM model of the CBF-MRF using beam
elements for the main structural members, solid elements for the beam fuse, and
connector elements for the SSPs and friction pads
In the collapse assessment of the frame, it is assumed that the columns do not
experience severe degradation due to local buckling under drifts smaller than
10%, since the HEB 500 sections are Class 1 (EC3 2003) and relatively stocky, i.e.,
h/tw = 26.9 and bf/2tf = 5.4. Experimental studies conducted on stocky
wide-flange sections (i.e., h/tw < 30 and bf/2tf < 8) have shown that they can
sustain storey drifts of 7-9% with minimal deterioration in flexural strength and
stiffness (MacRae et al. 1990, Newell & Uang 2006). As discussed in Section 7.4.2,
the global collapse is reached for inter-storey drifts of 10%, therefore it is
assumed that the column deterioration would not significantly influence the
results of IDA. However, a recent study by Elkady & Lignos (2015) has
highlighted that deep stocky wide-flange sections (i.e., depth larger than 400
mm) may be susceptible to flange and web local buckling under cyclic loading,
leading to a more rapid degradation of their flexural capacity. A numerical
investigation should be carried out to verify that the HEB 500 sections of the
CBF-MRF do not experience severe deterioration under drifts below 10%.
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This section presents the calibration of the parameters defining the hysteresis
and damage response of the connector elements based on the latest experimental
results.
7.3.1 Calibration of hysteretic parameters for connectors
The hysteretic behaviour of the connectors modelling the SSP-brace connections
is defined using an elastic-plastic force-displacement law. The inelastic response
of a connector is given by the nSSP SSPs working in parallel with each other, as
shown in Table 7.1. The force-displacement curves of the full-scale tests are used
to identify the half-cycle input data for a single SSP. A FEM model with a
connector element is created using Abaqus. The half-cycle data input for each
SSP geometry is obtained by a trial and error method using the CA loading
protocols.
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Figure 7.3. Experimental-connector comparison of the hysteresis of SSP1
Figures 7.3 and 7.4 show the comparison of the connector force-displacement
responses with the experimental hystereses of SSP1 and SSP2, respectively. The
results indicate that the selected cyclic hardening parameters provide a good
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agreement with the experimental data. It should be noted that connector
elements are not capable of capturing three-dimensional effects, such as the
pinching effect at zero force and the reduced hardening that was experimentally
observed in compression for SSP2.
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Figure 7.4. Experimental-connector comparison of the hysteresis of SSP2
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Figure 7.5. Nonlinear static push-pull response of the CBF-MRF using the revised
and original connector parameters
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A nonlinear cyclic (push-pull) static analysis is performed to compare the
seismic performance of the revised CBF-MRF with that of the original design.
Figure 7.5 plots the base shear (V ) versus the roof drift (θr) responses of the
revised and original frames subjected to three cycles up to the FOE, DBE, and
MCE drift. It can be seen that the two design versions have comparable cyclic
inelastic behaviour and energy dissipation.
7.3.2 Calibration of fracture parameters for connectors
To simulate ductile fracture of the SSPs subjected to ULCF, a damage criterion
that degrades the elastic-plastic response in the connector elements is used.
Abaqus offers a connector damage capability that employs a damage initiation
criterion combined with an evolution law to degrade the force response. The
damage model can use force-based, motion-based or plastic motion-based
criteria (Dassault Syste`mes 2014). When relative forces or motions in a connector
satisfy certain criteria, damage initiates. Subsequently, the force response of the
connector deteriorates in accordance with Eq. (7.1):
F = Feff · (1− devol) (7.1)
where Feff is the response of the connector without degradation and devol is the
connector damage evolution variable.
This study develops a plastic motion-based damage model. Ductile fracture
initiation is tracked using the cumulative plastic displacement upl, which is
defined by the elastic-plastic connector behaviour. The numerical study
presented in Chapter 6 has shown that fracture initiation is primarily controlled
by the equivalent plastic strain εpl. Other variables, such as the stress triaxiality
and the deviatoric parameter, were found constant at the fracture locations.
Similarly to εpl, upl is a scalar accumulation variable that continuously increases
under cyclic loading. It should be noted that a cumulative plasticity-based
damage criterion is not appropriate at the continuum level, since it would not
reflect that fracture is inhibited when the material is in compression. However,
considering the global symmetric response of the SSPs (where fracture develops
independently from the sign of the applied displacement), this plastic
motion-based criterion can be suitably used in a connector element for tracking
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the effects of ductile fracture under cyclic loading.
The connector fracture model assumes that fracture initiates in a SSP when
the condition in Eq. (7.2) is satisfied:
D0 =
upl
upl0
= 1 (7.2)
where D0 is the connector fracture initiation index, and u
pl
0 is the equivalent
relative plastic motion at fracture initiation.
The experimental tests have shown that, after fracture initiation, the
force-carrying capacity of the SSPs undergoes a slow degradation, with a
significant drop in strength occurring only few cycles before complete failure.
This highlights the need of using a damage evolution law in combination with
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Figure 7.6. Connector damage calibration of SSP1 under CA = 5uy: (a) experimental
force history; and (b) upl history extracted from connector analysis
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Specimen Test Protocol Fract. Init. 20pc strength Failure
(d = 0) loss (d = 0.2) (d = 1)
N0 u
pl
0 cycle u
pl
20 cycle u
pl
f
(no.) (mm) (no.) (mm) (no.) (mm)
SSP1 2 CA = 7uy 21 3,006 27 3,911 28 4,180
3 CA = 6uy 25 2,945 34 4,053 35 4,256
4 CA = 5uy 31 2,868 42 3,922 44 4,194
5 CA = 4uy 43 2,924 73 5,016 78 5,381
6 Random-1 35 2,800 58 4,907 59 5,030
7 Random-2 25 3,106 44 4,357 45 4,480
mean 2,942 4,340 4,587
min 2,800 3,911 4,180
SSP2 10 CA = 8uy 30 4,866 33 5,392 33 5,500
11 CA = 7uy 36 4,943 43 5,877 43 5,975
12 CA = 6uy 41 4,584 54 6,076 59 6,743
13 CA = 5uy 45 3,919 68 5,971 76 6,712
14 CA = 4uy 54 3,457 83 5,352 89 5,797
15 Random 40 4,889 46 5,479 49 5,855
mean 4,443 5,691 6,097
min 3,457 5,352 5,500
Table 7.2. Summary of the connector fracture behaviour parameters for SSP1 and
SSP2
the aforementioned initiation criterion. A plastic motion-based damage
evolution criterion is defined as a tabular function of the difference between the
equivalent plastic displacements at failure (uplf ) and fracture initiation (u
pl
0 ). To
accurately trace the degradation of the force response of the SSPs, the difference
between uplf and the plastic displacement corresponding to a 20% loss in the
force-carrying capacity, indicated as upl20, is also specified.
The connector damage behaviour is calibrated against the experimental data.
The upl values at the considered three limit states are identified for each test by
extracting the history of the corresponding output variable, denoted as CUPEQ in
Abaqus, from the connector analyses performed in Section 7.3.1. The calibration
of the damage parameters for SSP1 under CA = 5uy is shown in Figure 7.6, where
Figure 7.6a illustrates the experimental force history, with indication of the three
fracture stages, i.e., cycle no. 31, no. 42 and no. 44 for fracture initiation, 20 per
cent strength loss, and failure, respectively. The upl history from the connector
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analysis, shown in Figure 7.6b, provides the corresponding upl values at the three
stages, i.e., upl0 = 2,868 mm, u
pl
20 = 3,922 mm, and u
pl
f = 4,194 mm. The u
pl values
for all the remaining cyclic tests, including the random tests, are summarised in
Table 7.2. It can be observed that the SSP2 has greater mean upl values than the
other geometry, as a result of its larger fracture capacity.
A comparison between the experimental and connector force histories for all
the tests on the SSPs is made using the calibrated fracture parameters. Figures
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Figure 7.7. Experimental and connector model comparison of force responses of
SSP1 tests
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Figure 7.8. Experimental and connector model comparison of force responses of
SSP2 tests
7.7 and 7.8 show the comparison between the experimental and numerical force
histories for all the tests on SSP1 and SSP2, respectively, with indication of
fracture initiation and 20% strength loss. The excellent agreement shows that the
calibrated connector elements are capable of accurately tracing the degradation
in the force response of SSPs due to ductile fracture.
Figure 7.9 plots the plastic motion laws for all the tests, where devol = 0 until
fracture initiation, and devol = 1 at failure. The obtained u
pl
0 values provide an
indicative range for the fracture capacity of the SSPs under ULCF. It can be
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noted that, while the upl0 values for SSP1 fall into a relatively small range, a larger
deviation from the mean value is observed for the upl0 values of SSP2. A similar
scatter is found for the upl20 and u
pl
f values. Based on these results, the minimum
upl values are conservatively used for the collapse assessment of the CBF-MRF.
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Figure 7.9. Calibrated fracture evolution laws for connectors
7.4 Incremental Dynamic Analysis (IDA)
In the last two decades, IDA has been widely used to quantify the seismic
collapse potential of structures (Lin & Baker 2013). IDA is a parametric method
involving nonlinear dynamic analyses of a structure under a suite of ground
motion records, each scaled to increasing intensities until the occurence of global
dynamic collapse (Vamvatsikos & Cornell 2002). IDA has been adopted in the
U.S. FEMA 350 (2000) and FEMA P695 (2008) guidelines, which recommend to
use the first-mode spectral acceleration Sa(T1) as the seismic intensity measure
(IM). In this work, the response of the structure is monitored by the maximum
peak inter-storey drift θs,max, which is the engineering demand parameter (EDP).
IDA are performed using the revised simplified model described earlier in
this chapter. The same modelling technique of the nonlinear dynamic analysis,
presented in Section 4.5.1, is adopted.
7.4.1 Ground motions
IDA employs the set of 22 ground motion records from FEMA P695 (2008)
previously used for the dynamic analyses in Chapter 4. Two additional records
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are selected from Ruiz-Garcia (2010) to study the influence of ground motion
duration on the dynamic response of the CBF-MRF, as discussed in Section 7.4.3.
The 24 ground motions used for IDA are listed in Table 7.3.
To reduce the computational effort, Sa(T1) is systematically scaled up in
increments equal to 0.5Sa,MCE(T1), i.e., half the intensity at the MCE hazard level.
For the dual CBF-MRF, Sa,MCE(T1) = 1.04 g. To investigate the response near to
collapse, smaller increments are applied.
Source No. Earthquake Year M Recording Station D5−95
(s)
FEMA P695 (2008) 1 Northridge, US 1994 6.7 Beverly Hills 9.2
2 Northridge, US 1994 6.7 Canyon Country 6.2
3 Duzce, Turkey 1999 7.1 Bolu 8.5
4 Hector Mine, US 1999 7.1 Hector 11.6
5 Imperial Valley, US 1979 6.5 Delta 51.7*
6 Imperial Valley, US 1979 6.5 El Centro Array 11 7.8
7 Kobe, Japan 1995 6.9 Nishi-Akashi 9.7
8 Kobe, Japan 1995 6.9 Shin-Osaka 10.0
9 Kocaeli, Turkey 1999 7.5 Duzce 11.7
10 Kocaeli, Turkey 1999 7.5 Arcelik 11.0
11 Landers, US 1992 7.3 Yermo Fire St. 17.5
12 Landers, US 1992 7.3 Coolwater 17.2
13 Loma Prieta, US 1989 6.9 Capitola 12.0
14 Loma Prieta, US 1989 6.9 Gilroy Array 3 6.5
15 Manjil, Iran 1990 7.4 Abbar 28.8*
16 Superstition Hills, US 1987 6.5 El Centro Imp. Co. 15.0
17 Superstition Hills, US 1987 6.5 Poe Road 13.8
18 Cape Mendocino, US 1992 7.0 Rio Dell Overpass 15.3
19 Chi-Chi, Taiwan 1999 7.6 CHY101 30.0*
20 Chi-Chi, Taiwan 1999 7.6 TCU045 11.3
21 San Fernando, US 1971 6.6 LA Hollywood Stor 10.7
22 Friuli, Italy 1976 6.5 Tolmezzo 4.2
Ruiz-Garcia (2010) 23 Valparaiso, Chile 1985 8 El Amendral 50 48.5*
24 Michoacan, Mexico 1976 8 La Villita 90 42*
* = long significant duration ground motion
Table 7.3. Ground motion records employed for IDA
143
Chapter 7. Assessment of Seismic Collapse Potential of the Dual CBF-MRF
7.4.2 IDA results
The collapse evaluation of the dual CBF-MRF subjected to 24 ground motions
involved over 250 analyses. Detailed results of the response of the dual CBF-MRF
at collapse for each ground motion are attached in Appendix D.
The IDA results for the 1979 Imperial Valley earthquake (no. 5 record) are
presented below. Figure 7.10a shows the IDA curve for the considered ground
motion, where each data point represents the Sa(T1) normalised to Sa,MCE(T1)
and the recorded θs,max. Straight lines are drawn between consecutive point data.
The slope of the line between the origin and the first point defines the elastic
stiffness of the IDA curve. Up to an intensity of 6Sa,MCE(T1), the response of the
CBF-MRF is elastic. Then, the curve rapidly flattens out and reaches a plateau at
an intensity level of 6.5Sa,MCE(T1), indicating dynamic instability of the structure.
Figures 7.10b-d show θs time histories of the CBF-MRF under the same record
scaled to 6, 6.5 and 7 times Sa,MCE(T1), respectively. The sequence of ductile
fracture of the SSPs is illustrated in terms of fracture initiation and failure. It can
be seen that ten out of twelve connectors reach fracture initiation, and this
occurs more rapidly as the intensity increases. As a result, the number of
connectors reaching failure increases from two at 6Sa,MCE(T1) to eight at
7Sa,MCE(T1). Under the highest intensity, the progressive failure of the SSPs
accelerates the dynamic instability of the structure.
The occurrence of ductile fracture of the twelve connectors of the frame under
7Sa,MCE(T1) intensity is shown in Figure 7.11a. The notation for each connector
refers to the storey and bracing member where the SSPs are placed in the CBF-
MRF (e.g., 3R is the right brace at the third storey). It can be observed that fracture
initiation and failure occur first in the SSPs placed at the fourth and sixth storeys.
The upl histories for all the connectors (Figure 7.11b) show that failure is reached
in all the connectors at the top four storeys, while the SSPs at the bottom of the
structure (at the first and second storeys) are less subject to ductile fracture. It
can also be observed how connectors at the same storey reach failure at different
stages. For instance, connector 4R fails much earlier than the left one (4L), which
continues to withstand cycles until near collapse, as shown by the comparison of
their hystereses in Figures 7.11c and d.
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Figure 7.10. Ground motion no. 5: (a) IDA curve; (b-d) maximum peak inter-storey
drift time histories at increasing intensities with occurrence of connector fracture
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Figure 7.11. Ground motion no. 5 scaled to 7Sa,MCE(T1): (a) fracture evolution in
the connectors; (b) upl histories for the twelve connectors of the CBF-MRF; (c) and
(d) hystereses of the left and right connectors at the fourth storey
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To determine the collapse intensity Sa,col(T1) for each of the 24 ground motions,
a combination of collapse capacity criteria is used. Generally, these criteria can be
either IM- or EDP-based (Vamvatsikos & Cornell 2002). This study employs the
following limit state rules that are also adopted in FEMA 350 (2000):
• The 20% tangent slope approach (IM-based rule): dynamic instability is
incipient when the slope of the line between two consecutive θs,max − Sa(T1)
data points is less than 20% of the elastic stiffness. Sa,COL(T1) is identified
with the lowest Sa(T1) point of this line.
• θs,max = 10% (EDP-based rule): beyond this limit, it is assumed that any
structural system would experience severe damage leading to global
instability. This drift limit has been adopted also for BRBFs (Ariyaratana &
Fahnestock 2011).
For instance, under no. 5 ground motion (Figure 7.10a), the lowest Sa,MCE(T1)
at the plateau of the IDA curve is 6.5Sa,MCE(T1). At this intensity, the associated
θs,max is just below 10%, indicating that, between the two limit state rules, the
IM-based criterion is met first, i.e., Sa,col(T1) = 6.5Sa,MCE(T1).
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Figure 7.12. IDA curves of CBF-MRF for 22 FEMA ground motions
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Source No. Earthquake Sa,col D0,col
(g) (×Sa,MCE)
FEMA P695 (2008) 1 Northridge, US 5.564 5.355 0.45
2 Northridge, USA 3.535 3.402 0.20
3 Duzce, Turkey 6.387 6.147 0.39
4 Hector Mine, US 4.158 4.002 0.39
5 Imperial Valley, US 6.750 6.500 1.00
6 Imperial Valley, US 3.921 3.774 0.38
7 Kobe, Japan 5.313 5.114 0.50
8 Kobe, Japan 4.156 4.000 0.26
9 Kocaeli, Turkey 3.230 3.104 0.22
10 Kocaeli, Turkey 6.724 6.472 0.42
11 Landers, US 2.810 2.705 0.30
12 Landers, US 6.810 6.555 0.58
13 Loma Prieta, US 8.630 8.306 0.60
14 Loma Prieta, US 7.160 6.893 0.52
15 Manjil, Iran 7.679 7.391 0.82
16 Superstition Hills, US 6.026 5.800 0.33
17 Superstition Hills, US 3.953 3.805 0.50
18 Cape Mendocino, US 5.611 5.400 0.38
19 Chi-Chi, Taiwan 4.410 4.247 0.64
20 Chi-Chi, Taiwan 3.380 3.253 0.24
21 San Fernando, US 3.480 3.349 0.35
22 Friuli, Italy 8.632 8.970 0.40
Ruiz-Garcia (2010) 23 Valparaiso, Chile 5.710 5.500 1.00
24 Michoacan, Mexico 2.670 2.572 0.60
Table 7.4. Summary of IDA results for the dual CBF-MRF
A summary of the CBF-MRF collapse performance is provided in Table 7.4 for
the 24 ground motions. The IDA curves for the 22 ground motions from FEMA
P695 (2008) are shown in Figure 7.12, where a large variability in the dynamic
structural response can be observed. Under most of the ground motions, the
IDA curve has an initial linear elastic region, followed by a softening up to the
θs,max = 10% limit. In many cases the IDA curve terminates once the collapse
EDP-based capacity rule is reached.
The dashed curve in Figure 7.12, corresponding to ground motion no. 15,
shows a typical twisting behaviour characterised by alternating hardening and
softening regions, where the local stiffness of the curve increases or decreases
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with higher intensities (Vamvatsikos & Cornell 2002). The θs time histories of
the CBF-MRF under this specific ground motion (no. 15) scaled up to increasing
intensities are shown in Figure 7.13. It can be seen that the collapse direction of
the frame gradually moves from negative to positive θs values, resulting in the
hardening of the IDA curve.
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Figure 7.13. Storey drift time histories under no. 15 ground motion scaled to
increasing intensities
The mechanism of the friction pad (FP) activation is shown in Figure 7.14 for
no. 2 ground motion scaled to 3.5Sa,MCE(T1). From t = 5 s, the frame is subjected
to large drifts (Figure 7.14a), causing the FP to be activated multiple times.
Figure 7.14b highlights the activation of the FPs in the left brace at the fourth
floor (4L), showing the displacement histories of the individual SSPs and FP in
separate graphs. The maximum FP elongation, denoted as uFP,max, is about 125
mm. Details of the uFP,max values recorded at collapse for each ground motion
can be found in Appendix D. Overall, uFP,max is found to be in the range of
150-200 mm. Figures 7.14c and d show the hystereses of the combined SSPs and
FP, and of the individual SSPs. It can be observed that the FP prevents the SSPs
from undergoing excessive displacements, indicating that the SSPs are subjected
to cyclic loading conditions similar to those imposed in the experimental tests.
This confirms that the cyclic tests on SSPs are appropriate for the calibration of
the connector damage criterion for ULCF.
To characterise the scale of fracture reached in the SSPs under the earthquake
records, a fracture initiation index at collapse D0,col is calculated, as the ratio
between the upl recorded at collapse and the corresponding upl0 . In Abaqus, the
connector output corresponding to D0 is denoted as CDIP. The results for the 24
ground motions are provided in Table 7.4. D0,col is below 1 for all the records,
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Figure 7.14. Ground motion no. 2: (a) maximum peak inter-storey drift time
history; (b) axial displacement history of the left hand side brace at the fourth storey
(4L), combining the SSPs and friction pad; (c) hysteresis of 4L; and (d) hysteresis of
the SSPs
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Figure 7.15. Comparison of no. 5 and 10 records scaled at 6Sa,MCE(T1): (a)
accelerograms ; (b) peak inter-storey drift time history; (c) damage initiation index
time history; and (d) Arias intensity time history, with indication of significant
motion duration parameter (D5−95)
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with the exception of no. 5 ground motion from the FEMA database, and no. 23
ground motion from Ruiz-Garcia (2010). This indicates that fracture initiation,
i.e., D0,col = 1, occurs only under two out of the 24 ground motions.
It can also be observed that, under no. 5 and no. 10 records, the CBF-MRF
shows a similar collapse capacity, but different safety margins against fracture,
being D0,col = 1 and 0.45, respectively. Figure 7.15a plots the record accelerograms
scaled to 6Sa,MCE(T1) and the corresponding θs and D0 time histories are shown
in Figures 7.15b and c. Although the peak drifts are greater under no. 10 ground
motion, no. 5 record determines a larger cyclic energy dissipation, leading to
fracture of the SSPs. For no. 10 record, the reduced D0 value is due to the FP
activation and shorter ground motion duration. This comparison shows how the
ground motion duration can have an influence on the fracture of the SSPs. This
correlation is further discussed in the section below.
7.4.3 Influence of significant ground motion duration
Recent studies have shown that the nonlinear response of structural systems
subjected to cumulative damage is affected by ground motion duration-related
parameters (Iervolino et al. 2006, Tsioulou & Galasso 2015). Different approaches
can be used to evaluate duration. A widely-accepted parameter is the significant
motion duration, proposed by Trifunac & Brady (1975), and defined as the time
interval during which a certain amount of energy is dissipated (Kempton &
Stewart 2006). Energy is measured using the Arias intensity IA (Arias 1970),
defined as:
IA =
pi
2g
∫ tE
0
a2(t) dt (7.3)
where a(t) is the acceleration time history, and tE is the total ground motion
duration. A commonly-used significant motion duration parameter is D5−95,
which is defined as the time interval between the 5% and 95% of IA.
The D5−95 figures obtained for all the 24 ground motions are listed in Table
7.3. Following the approach proposed by Ruiz-Garcia (2010), records are
classified in short duration, i.e., D5−95 = 0−17.5 s, and long duration, i.e., D5−95 =
28.8−51.7 s. Out of the 22 records selected from FEMA P695 (2008), three are
long duration motions and the remaining are short duration, while the two
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additional records from Ruiz-Garcia (2010) are both long duration. The IA time
histories for no. 5 and no. 10 ground motions (i.e., long and short duration
earthquakes, respectively) are shown in Figure 7.15d. Comparison of Figure
7.15c and d highlights the close correlation between the D0 and IA,
demonstrating that both parameters are indicators of cyclic energy dissipation.
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Figure 7.16. Significant motion duration vs. ductile fracture initiation index
relationship for 22 FEMA ground motions and two additional records (no. 23 and
24) from Ruiz-Garcia (2010)
The distribution of the D5−95−D0,col parameters, plotted in Figure 7.16, shows
a large record-to-record variability. It can be observed that, while D0,col values for
short records are in the range of 0.2−0.6, long duration earthquakes determine a
much smaller safety margin against fracture, where the corresponding D0,col is in
the range 0.6−1. This confirms that ductile fracture of SSPs is more likely to occur
under earthquakes having long significant duration.
To further investigate the sensitivity of SSP fracture to significant motion
duration, the CBF-MRF is subjected to the two additional long duration
earthquakes, i.e, Valparaiso (no. 23) and Michoacan (no. 24). These records are
among the longest ground motions used by Ruiz-Garcia (2010) in his study on
the influence of significant duration on residual displacement demands. Figure
7.17a shows their accelerograms at collapse. From the corresponding IA time
histories, plotted in Figure 7.17b, it is found that D5−95 is equal to 48.5 s and 42 s
for no. 23 and no. 24 records, respectively.
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Figure 7.17. Comparison of no. 23 and no. 24 records at collapse: (a) accelerograms;
(b) Arias intensity time history, with indication of significant motion duration
parameter (D5−95); (c) peak inter-storey drift time history; and (d) damage
initiation index time history
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A comparison between the IDA curves for these two long duration ground
motions, and the 22 FEMA records is shown in Figure 7.18. The relative θs time
histories of the CBF-MRF at collapse are illustrated in Figure 7.17c, and the
evolution of D0 for the connectors having the largest recorded upl value is shown
in Figure 7.17d. The analysis of no. 24 record scaled to 3Sa,MCE(T1) is
prematurely terminated at large drifts due to the occurrence of numerical errors.
It can be observed that the CBF-MRF undergoes collapse without fracture
initiation in any connector. The associated D0,col value of 0.6 corresponds to the
lower limit in the range identified for long duration earthquakes, as illustrated
in Figure 7.16. Under the no. 23 ground motion, the IDA curve flattens at
5.5Sa,MCE(T1), where the IM-based rule is met. The collapse mechanism shown at
6.5Sa,MCE(T1) intensity (Figure 7.17c) involves the deterioration of eight
connectors modelling the SSPs, three of which eventually fail.
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Figure 7.18. IDA curves of CBF-MRF for 24 ground motions, highlighting no. 23
and no. 24 records
7.4.4 Collapse fragility curve
The IDA results are used to produce a probabilistic evaluation of the collapse
capacity of the CBF-MRF. The Sa,COL(T1) values (listed in Table 7.4) are ranked in
ascending order, and are assigned the same chance of occurrence (Seo et al.
2014). The resulting probability of collapse versus ground motion intensity
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Sa(T1) relationship for the 24 ground motions is plotted as point data in Figure
7.19. A collapse fragility curve is then constructed by fitting a lognormal
distribution through the Sa,COL(T1) values (FEMA P695 2008). The median
collapse intensity, denoted as Sˆa,col(T1), which corresponds to a 50% collapse
probability, is found equal to 5.0g. Therefore, the safety margin against collapse
of the CBF-MRF, denoted as CMR and defined as the ratio of Sˆa,col(T1) to
Sa,MCE(T1), is equal to 4.81.
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Figure 7.19. Collapse fragility curve of the CBF-MRF (fitted through IDA results)
The slope of the fragility curve is defined by the lognormal standard
deviation βRTR, which represents the record-to-record uncertainty. The fragility
curve fitted through the IDA results has βRTR = 0.35, which is in line with the
range 0.2−0.4 indicated by FEMA P695 (2008). However, further sources of
uncertainty should be accounted for. FEMA P695 (2008) defines different
lognormal deviation parameters that account for the uncertainties related to the
numerical modelling βMDL, design requirements βDR, and test data βTD. By
assuming that all these uncertainties are statistically independent, the total
collapse uncertainty βtot is given by Eq. (7.4):
βtot =
√
β2RTR + β
2
MDL + β
2
DR + β
2
TD (7.4)
where the values of βMDL, βDR, and βTD are conservatively assumed equal to 0.35,
corresponding to a fair quality rating for numerical modelling, design
requirements, and test data. As a result, βtot = 0.7, which is consistent with the
range identified by studies on modelling uncertainty (Tzimas et al. 2016, Liel
et al. 2009). Figure 7.20 illustrates the collapse probability for Sa,COL(T1) values
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normalised by Sa,MCE(T1), using βRTR and βtot. Based on the fragility curve with
βtot, the CBF-MRF has 1.2% collapse probability at the MCE level, which is
largely below the 10% probability limit defined by FEMA P695 (2008). This
indicates an excellent collapse performance of the proposed dual CBF-MRF,
meeting the objective of seismic resilience.
The fragility curves in Figs. 7.19 and 7.20 do not account for the spectral
shape of the ground motions, which has been shown to influence the collapse
assessment (Baker & Cornell 2008). To investigate the impact of spectral shape
characteristics on the collapse response of the dual CBF-MRF, the far-field
ground motion set should be adjusted following the methodolgy recently
proposed in Haselton et al. (2011).
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Figure 7.20. Collapse fragility curve of the CBF-MRF relative to record-to-record
variability (βRTR) and to total collapse uncertainty (βtot)
7.4.5 Connector fracture model versus OpenSees fatigue model
The accuracy of the connector fracture model employed for IDA is assessed
against the fatigue material model available in OpenSees (Mazzoni et al. 2006).
The fatigue material is a phenomenological model that simulates the effects of
LCF. It was developed by Uriz (2005) to simulate damage in fiber elements
modelling steel braces. In fact, it can also be used to trace damage in nonlinear
spring elements that use a force-displacement hysteretic material, similarly to
the connector models in Abaqus. This OpenSees fracture criterion uses the
Palmgren-Miner linear damage accumulation rule, in combination with the
Coffin-Manson relationship. A modified rainflow cycle counter developed by
Uriz (2005) tracks the deformation history. Once the damage index Df reaches 1
157
Chapter 7. Assessment of Seismic Collapse Potential of the Dual CBF-MRF
−150 −100 −50 0 50 100−1,500
−1,000
−500
0
500
1,000
1,500
Displacement (mm)
Fo
rc
e
(k
N
)
No. 5 − 6xSa,MCE(T1) − SSPs (4R)
ABQ
OS
(a)
0 20 40 60 80 100 120
0
0.2
0.4
0.6
0.8
1
1.2
Time (s)
D
f
No. 5 − 6xSa,MCE(T1) − SSPs (4R)
ABQ (min)
ABQ (mean)
OS (fatigue)
(b)
−150 −100 −50 0 50 100−1,500
−1,000
−500
0
500
1,000
1,500
Displacement (mm)
Fo
rc
e
(k
N
)
No. 5 − 6xSa,MCE(T1) − SSPs (4L)
ABQ
OS
(c)
0 20 40 60 80 100 120
0
0.2
0.4
0.6
0.8
1
1.2
Time (s)
D
f
No. 5 − 6xSa,MCE(T1) − SSPs (4L)
ABQ (min)
ABQ (mean)
OS (fatigue)
(d)
1
Figure 7.21. Comparison of Abaqus (ABQ) and OpenSees (OS) spring elements
modelling SSPs at the fourth storey under no. 5 ground motion: (a and c)
hystereses; (b and d) failure index
(i.e., failure), the force in the spring element becomes zero.
Similarly to Abaqus, a spring element is used to model the SSPs. Their
hysteresis is simulated using the Menegotto-Pinto material model (Menegotto &
Pinto 1973), denoted as Steel02 in OpenSees. The material parameters are
calibrated against the experimental tests. The fatigue material model is
calibrated using the Coffin-Manson relationship presented in Section 6.3.
The spring element is subjected to different displacement histories extracted
from representative IDA analyses. Figure 7.21 compares the results of the
OpenSees and Abaqus spring elements modelling SSPs in the braces of the
fourth storey of the CBF-MRF, under no. 5 ground motion scaled to 6Sa,MCE(T1).
A good correlation is observed between the hystereses of the two elements,
plotted in Figure 7.21a and c.
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Figure 7.22. Comparison of Abaqus (ABQ) and OpenSees (OS) failure index of SSPs
at the fourth storey under no. 1 and no. 2 ground motions
The damage level Df recorded in the OpenSees spring element is compared
with the corresponding Abaqus failure index, calculated as upl to uplf . The Df time
histories from the Abaqus and OpenSees analyses are shown in Figures 7.21b and
d, where Df from the Abaqus model is calculated using the mean and minimum
uplf (see Table 7.2). A fairly good correlation is observed between the two fracture
models. The OpenSees fatigue model slightly overestimates the safety margin
against collapse. A similar trend can be seen in Figure 7.22 for no. 1 and no.
2 ground motions. Overall, the Abaqus fracture criterion used for IDA appears
capable of predicting the ductile fracture response of SSPs with a similar degree
of accuracy to the widely-accepted fatigue material model available in OpenSees.
In particular, the minimum uplf values employed for the collapse assessment of
the CBF-MRF provide more conservative predictions.
7.5 Conclusions
In this chapter, the earthquake-induced collapse potential of the dual CBF-MRF
was numerically evaluated. The simplified Abaqus beam-solid model of the
6-storey prototype building developed in Chapter 4 was revised using the two
SSP geometries tested in Chapter 5. The SSPs were modelled using connector
elements with an experimentally-validated plastic motion-based criterion that
simulates their ductile fracture behaviour. The calibrated fracture criterion for
the connector elements enables to simulate both the initiation and degradation
of the SSPs. Incremental dynamic analyses (IDA) were conducted using 24
ground motions selected from FEMA P695 (2008) and Ruiz-Garcia (2010).
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Fragility curves were constructed based on the methodology proposed by
FEMA P695 (2008) to assess the collapse probability of the dual CBF-MRF. Based
on the results of the IDA, the following conclusions are drawn:
• The proposed dual CBF-MRF has an excellent seismic resistance against
collapse, with a median collapse intensity 4.81 times the first-mode spectral
acceleration. The collapse probability of the CBF-MRF at the MCE hazard
level is 1.2%, largely below the required limit of 10%, indicating that the
proposed system achieves the objective of increasing seismic resilience.
• As a result of the large fracture capacity of the SSPs, only two of the five
long significant duration ground motions determined the failure of the
SSPs. For the short significant duration records, the fracture initiation
index was consistently below 0.6 at collapse. Therefore, the collapse
performance of the CBF-MRF is marginally affected by the fracture of the
SSPs.
• The plastic motion-based fracture criterion employed in the Abaqus
connector elements was capable of predicting ductile fracture in the SSPs
with similar accuracy to the widely-accepted fatigue material model
available in OpenSees.
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Conclusions
This chapter presents a summary of the thesis and the main conclusions that are
drawn from the preceding chapters. Recommendations for future work are then
provided.
8.1 Summary
The aim of this thesis was to develop and validate an innovative dual
concentrically-braced moment-resisting steel frame (CBF-MRF) for improved
seismic resilience.
Chapter 2 presented a review of seismic-resistant steel frames, including
conventional systems and the latest strategies in seismic resilience. It was
highlighted that conventional steel frames can experience extensive structural
damage and large residual drifts, leading to significant repair costs and
socio-economic losses, or possibly to the building demolition. To address these
limitations, researchers have developed new design approaches that can
increase seismic resilience. Among these, increasing the post-yield stiffness of
the structure and introducing structural fuses were identified as both effective
and practical design strategies. While current guidelines do not provide specific
criteria for damage and residual drift minimisation, this work adopts
performance objectives based on the latest research on seismic resilience
(McCormick et al. 2008, Tzimas et al. 2015). A resilient steel system should meet
the following targets: (1) under the design-basis earthquake (DBE), residual
drifts should be smaller than 0.5% to meet the immediate occupancy
performance level; and (2) under the maximum-considered earthquake (MCE),
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the probability of collapse should be well below the limit of 10% currently set for
conventional structures by FEMA P695 (2008).
The design of the dual CBF-MRF was developed in Chapter 3. To reduce
residual drifts and minimise damage in the main structural members, simple
structural details were used: (a) braces equipped with energy-dissipating
stainless steel pins (SSPs); and (b) structural fuses in the beams. The SSPs are
made of duplex stainless steel (SSD) of high post-yield stiffness. The proposed
CBF-MRF was designed to have stiffness and strength comparable to a
conventional dual MRF with buckling restrained braces (BRBF-MRF). A 6-storey
prototype building was designed as either the dual CBF-MRF or the BRBF-MRF,
according to EC3 (2003) and EC8 (2004). A performance-based design procedure
and appropriate capacity design rules were adopted in the design of the dual
frames.
Chapter 4 was dedicated to the numerical evaluation of the seismic response
of the proposed CBF-MRF, in comparison with the conventional BRBF-MRF.
Nonlinear finite element models (FEM) of different complexity were developed
using the Abaqus software. A detailed three-dimensional FEM model, based on
the use of solid and shell elements, was constructed to study both the local and
global behaviour of the dual CBF-MRF. All possible failure modes were
identified through nonlinear monotonic and cyclic pushover analyses. To
evaluate the global seismic response of the CBF-MRF, a simplified version of the
detailed model was developed, using beam elements for the main structural
members, nonlinear connector elements for the SSPs and solid elements for the
beam fuses. Dynamic time-history analyses were performed using a set of 22
earthquake records scaled to three different seismic intensities (frequently-
occurred earthquake FOE; DBE; and MCE). A comparative evaluation of the
seismic behaviour of the CBF-MRF and BRBF-MRF was discussed in terms of
overstrength, post-yield stiffness, peak and residual storey drifts, and structural
damage.
Chapter 5 described the experimental programme conducted to assess the
seismic response and the fracture behaviour of the SSPs, employed as
energy-dissipation devices in the dual CBF-MRF. Two full-scale geometries were
tested in a configuration reproducing the SSP-brace connection of the CBF-MRF.
Coupon tests on round bars were performed to characterise the SSD material.
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The seismic performance of sixteen specimens (eight for each geometry) was
evaluated using various loading protocols: the AISC protocol recommended for
the validation of buckling restrained braces; various constant amplitude (CA)
and random protocols for replicating ultra-low cycle fatigue (ULCF) conditions;
and monotonic loading. The hysteretic behaviour, energy-dissipation (ED)
capacity, and ductile fracture were assessed for each geometry.
Chapter 6 was dedicated to the prediction and numerical simulation of
ductile fracture in SSPs. From the review of existing models for predicting
fracture in metals under ULCF, three approaches were considered: a low-cycle
fatigue (LCF) model based on the Coffin-Manson relationship and the
Palmgren-Miner damage accumulation rule; and two mechanics-based fracture
models, i.e., the Cyclic Void Growth Model (CVGM) and the fracture initiation
criterion available in Abaqus. The fracture parameters of the Coffin-Manson
relationship were calibrated against the experimental tests of the SSPs and used
for the OpenSees fatigue material model in Chapter 7. The two mechanics-based
models were calibrated against ULCF tests on notched coupon specimens by
means of complementary FEM simulations. Their ability of predicting fracture
initiation was validated through three-dimensional explicit simulations of the
ULCF tests on SSPs. In addition, the Abaqus fracture evolution model was
calibrated and used in combination with the initiation criterion to explicitly
simulate the fracture response of the SSPs.
Finally, the seismic collapse potential of the dual CBF-MRF was assessed in
Chapter 7. Incremental dynamic analyses (IDA) were performed using a revised
version of the simplified beam-solid model of the dual frame developed in
Chapter 4. To simulate ductile fracture in the connector elements modelling the
SSPs, a plastic motion-based fracture criterion was calibrated against the
full-scale tests. The collapse capacity of the dual CBF-MRF was evaluated using
a set of 24 earthquake records from FEMA P695 (2008) and Ruiz-Garcia (2010).
The influence of the significant ground-motion duration on the dynamic
response of the frame was discussed. Based on the IDA results, a fragility curve
was constructed to probabilistically evaluate the collapse capacity of the dual
CBF-MRF. In addition, the accuracy of the connector fracture model employed
for IDA was assessed against an OpenSees fatigue model based on the calibrated
Coffin-Manson parameters.
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8.2 Main conclusions
Specific conclusions were drawn at the end of each chapter. The main conclusions
of this work are summarised as follows:
• Nonlinear static analyses showed that the proposed design of the dual
CBF-MRF guarantees that inelastic deformations are concentrated in the
replaceable SSPs and beam fuses, while the main structural members are
elastic even for drifts expected under the MCE.
• The proposed dual CBF-MRF exhibits a much higher post-yield stiffness
than the conventional BRBF-MRF having similar stiffness and strength,
owing to the high post-yield stiffness of the SSPs, as shown by the
nonlinear static analyses on both frames.
• The results of nonlinear dynamic analyses demonstrated that residual
drifts in the dual CBF-MRF are drastically minimised, as a result of the
high post-yield stiffness of the SSPs and the elastic capacity of the MRF.
The maximum residual drift is negligible under the FOE, while it has a
mean value of 0.06% under the DBE and of 0.12% under the MCE. The
residual drift under the DBE is largely below the reparability limit of 0.5%,
demonstrating the potential for a return to service within an acceptable
short time in the aftermath of a strong earthquake.
• The proposed CBF-MRF has a superior residual storey drift performance
compared to the dual BRBF-MRF, while undergoing similar peak storey
drifts. The maximum residual drift experienced by the BRBF-MRF is five
times larger than in the CBF-MRF under the DBE, and nearly four times
larger under the MCE. The residual drift response of the BRBF-MRF is in
line with that observed in previous research studies on prototype BRBFs.
• The proposed SSPs are optimal energy-dissipating devices. Cyclic tests on
the SSPs showed that they provide a stable and symmetric hysteresis
under imposed displacements up to four and half times the demand under
the DBE. This hysteretic behaviour is comparable to that offered by BRBs,
meeting the requirements of the AISC protocol.
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• The SSPs offer a large fracture capacity under cyclic loading. The ULCF tests
demonstrated the ability of the SSPs of enduring several cycles under large
imposed displacements before ductile fracture initiation. Ductile fracture
was consistently found to initiate at the free surface, at a section half way
between the maximum and minimum diameter. Following initiation, the
SSPs were still able to provide a stable hysteresis, while cracks gradually
propagated to reach full-section failure.
• The calibrated Abaqus fracture criterion and CVGM provided accurate
predictions of ductile fracture initiation for the ULCF tests of SSPs. The
margin of error of both fracture initiation models is considered satisfactory
(within 12%). As such, the calibrated fracture parameters have the
potential of being used to predict the ULCF fracture initiation of SSPs
having different geometries and boundary conditions, without the need
for further experimental tests.
• The Abaqus explicit fracture simulations of the SSP tests were capable of
capturing well the hysteretic behaviour of the SSPs; however, the ability of
tracing the degradation of the material following fracture initiation was less
accurate due to the relatively coarse mesh applied to the bending parts of
the SSP.
• The results of IDA showed that the dual CBF-MRF has a large seismic
resistance against collapse, with a median collapse intensity 4.81 times the
first-mode spectral acceleration under the MCE. By accounting for the
record-to-record variability and modelling uncertainty, the dual CBF-MRF
has a 1.2% collapse probability at the MCE level, which is largely below the
permissible limit of 10% set in FEMA P695 (2008).
• The large collapse capacity of the dual CBF-MRF benefits from the
excellent fracture capacity of the SSPs and the activation of friction pads
for large drifts. Under most of the earthquake records used in IDA, the
safety margin against fracture in the SSPs was considerable; failure
occurred only for two ground motions having a long significant duration,
i.e., severe energy dissipation demand.
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8.3 Recommendations for future research
This work has shown that the proposed dual CBF-MRF provides enhanced
seismic resilience, by reducing residual drifts and minimising damage in main
structural members, and by ensuring a very low collapse probability under the
MCE.
Further research work could be developed in these directions:
• For a more comprehensive assessment of the dual CBF-MRF seismic
performance, more building typologies, other than the prototype building
designed in this work, ought to be studied by varying, for instance, the
structure height, the number of bays and the span length.
• A loss estimation study is recommended to quantify the economic losses
associated with structural and non-structural damage, including the cost of
replacing the structural fuses. Such estimation may be used in a
cost-benefit analysis to assess the advantages of the dual CBF-MRF against
conventional steel frames. This analysis should aim to compare the
increased initial construction costs of the proposed system against the
savings associated with the improved seismic resilience.
• Fracture investigation could be further developed by performing
additional tests on SSPs of different geometry, and under new
randomly-generated loading protocols. This would enable the validation
of the calibrated fracture parameters for a larger experimental database. If
additional tests will be conducted, it is recommended to design a test
apparatus with the capability of accurately reproducing the constraint
exerted by the brace section.
• The assessment of the dual CBF-MRF collapse potential would benefit from
a numerical investigation on the column deterioration due to local buckling,
since the IDA were developed based on the assumption that the stocky HEB
500 sections do not experience severe degradation under drifts of 10%.
• The influence of ground motion duration on the ductile fracture of the
SSPs may be further investigated using an additional set of long significant
duration records.
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• To further validate the proposed system, full-scale tests may be conducted
on a one-storey frame. This would allow to assess the feasibility of the
erection of the CBF-MRF and the construction details required.
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Appendix A
Nonlinear Dynamic Analyses Results
This appendix provides a summary of the statistics of the results from the
nonlinear dynamic analyses on the proposed CBF-MRF and the conventional
BRBF-MRF, presented in Chapter 4.
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Storey m σ m+σ median
(%) (%) (%) (%)
6 1.06 0.28 1.34 0.98
5 1.15 0.30 1.46 1.15
4 1.25 0.34 1.58 1.27
3 1.27 0.35 1.62 1.19
2 1.10 0.35 1.45 0.97
1 0.62 0.23 0.85 0.54
Storey m σ m+σ median
(%) (%) (%) (%)
6 0.67 0.17 0.84 0.58
5 0.77 0.19 0.96 0.75
4 0.86 0.23 1.08 0.86
3 0.88 0.22 1.11 0.88
2 0.75 0.19 0.94 0.73
1 0.39 0.11 0.50 0.36
Storey m σ m+σ median
(%) (%) (%) (%)
6 0.37 0.08 0.45 0.35
5 0.43 0.08 0.51 0.41
4 0.46 0.09 0.55 0.46
3 0.48 0.09 0.56 0.49
2 0.40 0.06 0.47 0.41
1 0.21 0.03 0.24 0.21
Storey m σ m+σ median
(%) (%) (%) (%)
6 1.52 0.54 2.06 1.38
5 1.45 0.57 2.02 1.37
4 1.40 0.52 1.92 1.27
3 1.28 0.40 1.68 1.17
2 1.03 0.28 1.31 0.99
1 0.51 0.17 0.68 0.50
Storey m σ m+σ median
(%) (%) (%) (%)
6 1.02 0.35 1.38 0.96
5 1.01 0.36 1.37 0.95
4 0.99 0.33 1.32 0.97
3 0.91 0.28 1.19 0.87
2 0.75 0.18 0.93 0.73
1 0.36 0.09 0.45 0.36
Peak Storey Drifts - CBF-MRF
Peak Storey Drifts - BRBF-MRF
DBE
MCE
DBE
FOE
MCE
Figure A.1. Statistics of peak storey drifts for CBF-MRF and BRBF-MRF
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Storey m σ m+σ median
(%) (%) (%) (%)
6 0.12 0.07 0.19 0.14
5 0.12 0.07 0.19 0.14
4 0.12 0.08 0.20 0.11
3 0.12 0.11 0.23 0.10
2 0.12 0.12 0.24 0.09
1 0.10 0.10 0.21 0.05
Storey m σ m+σ median
(%) (%) (%) (%)
6 0.06 0.05 0.11 0.06
5 0.06 0.04 0.10 0.06
4 0.06 0.04 0.10 0.06
3 0.06 0.04 0.10 0.05
2 0.06 0.05 0.11 0.05
1 0.05 0.04 0.09 0.04
Storey m σ m+σ median
(%) (%) (%) (%)
6 0.01 0.02 0.03 0.01
5 0.02 0.02 0.04 0.02
4 0.02 0.02 0.04 0.02
3 0.02 0.02 0.04 0.01
2 0.01 0.01 0.03 0.01
1 0.00 0.00 0.01 0.00
Storey m σ m+σ median
(%) (%) (%) (%)
6 0.44 0.36 0.80 0.37
5 0.42 0.35 0.76 0.35
4 0.37 0.32 0.69 0.30
3 0.31 0.28 0.59 0.22
2 0.23 0.22 0.45 0.19
1 0.13 0.14 0.26 0.09
Storey m σ m+σ median
(%) (%) (%) (%)
6 0.27 0.22 0.49 0.23
5 0.26 0.21 0.46 0.21
4 0.22 0.18 0.40 0.21
3 0.18 0.15 0.33 0.15
2 0.12 0.11 0.23 0.10
1 0.06 0.06 0.11 0.03
Residual Storey Drifts - BRBF-MRF
MCE
DBE
Residual Storey Drifts - CBF-MRF
MCE
DBE
FOE
Figure A.2. Statistics of residual storey drifts for CBF-MRF and BRBF-MRF
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Storey m σ m+σ median
(mm) (mm) (mm) (mm)
6 18.85 5.43 24.28 17.07
5 20.61 5.56 26.17 20.29
4 22.38 6.22 28.60 23.14
3 23.49 6.55 30.04 21.77
2 20.17 6.62 26.80 18.20
1 11.45 4.39 15.84 9.77
Storey m σ m+σ median
(mm) (mm) (mm) (mm)
6 11.36 3.40 14.76 9.88
5 13.43 3.53 16.95 13.03
4 15.07 4.28 19.35 15.02
3 16.10 4.14 20.25 16.32
2 13.67 3.52 17.19 13.62
1 7.06 2.18 9.24 6.44
Storey m σ m+σ median
(mm) (mm) (mm) (mm)
6 5.66 1.67 7.33 5.17
5 6.88 1.55 8.43 6.29
4 7.57 1.59 9.16 7.44
3 8.40 1.57 9.96 8.70
2 7.11 1.21 8.32 7.18
1 3.59 0.55 4.14 3.63
SSP Maximum Demand - CBF-MRF
MCE
DBE
FOE
Figure A.3. Statistics of maximum displacements of SSPs in CBF-MRF
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Appendix B
Technical Drawings for the Experimental Programme
The technical drawings produced for the experimental tests on SSPs and coupon
specimens are included in this appendix.
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Figure B.1. Technical details of SSP1
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Appendix C
Abaqus Fracture Simulation of SSP under Monotonic
Loading
Further to the simulation of SSP ductile fracture under ULCF presented in
Chapter 6 (see Section 6.9), the fracture capacity of SSPs under monotonic
loading is assessed. As described in Section 5.7.5, the monotonic tests on SSPs
were terminated before reaching ductile fracture, to avoid excessive bending of
the lower supporting plate. To provide an estimate of the SSP fracture capacity
under monotonic loading, the monotonic tests of SSPs are numerically
simulated.
To capture the pronounced bending of the lower supporting plate at large
displacements, i.e., > 60 mm, the FEM models used for the cyclic tests of SSPs
are modified. Instead of modelling the small steel plate welded to the U-shaped
assembly, fully-fixed boundary conditions are defined directly on the horizontal
steel plate. Such constraint is applied to a slightly larger area than the nominal
footprint of the vertical plate to model the welded joints. In the experimental
tests, the steel collars were welded onto the specimen at some distance from the
plates to prevent excessive bending of the vertical plate in the test with SSPs.
However, no contact was observed between the two during the tests, as the tight
grip offered by the holes prevented the specimen from sliding. Therefore, the
steel collar is not modelled.
The explicit analyses of the monotonic tests are performed imposing
displacements up to the complete failure of the specimens. The Abaqus fracture
initiation (αmono = 0.8) and evolution parameters calibrated for the monotonic
coupon tests are used (see Section 6.6.1). Figure C.1a shows the numerical
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Figure C.1. Simulation of SSP1 monotonic test: (a) experimental-numerical force-
displacement curves; (b) experimental-numerical deformed shapes at 110 mm
displacement; and (c) numerical deformed shapes at successive stages up to failure
force-displacement response of SSP1: an excellent agreement is found with the
experimental results up to the displacement at which the test was stopped
(denoted as stage 1). The experimental and numerical deformed shapes of SSP1
at stage 1 are compared in Figure C.1b, showing that the FEM model is able to
capture the significant bending of the lower supporting plate. Figure C.1c
illustrates successive stages (2−5) of the numerical simulation, corresponding to
the points indicated in the force-displacement curve in Figure C.1a. The
numerical results show that the specimen exhibits high post-yield hardening up
to stage 3, corresponding to an imposed displacement of 170 mm. At this stage,
the PEEQ contours are characterised by a localised concentration of plastic
deformations at the centre of the specimen, i.e., in the section having of
minimum diameter Di. As shown by the deformed shape in stage 4, such strain
localisation results in a noticeable necking, leading eventually to the full-section
fracture of the specimen at a displacement of 200 mm (stage 5), i.e., nearly
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twelve times uDBE. Such fracture mechanism reveals that the fracture capacity of
SSPs under monotonic loading depends on the size of the internal diameter Di.
The ductile fracture simulation of the SSP2 test is illustrated in Figure C.2:
fracture initiates and develops at the centre of the specimen, similarly to SSP1.
Full-section fracture is predicted to occur at an imposed displacement of 126
mm, i.e., nine times uDBE. The reduced ductility of SSP2 is attributed to the
smaller size of Di. A comparison of the experimental and numerical
force-displacement responses is shown in Figure C.2a, indicating a good
correlation up to the displacement at which the test was terminated (stage 1).
The FEM model is found to slightly underestimate the experimental hardening.
This difference may be attributed to the clearance in the holes.
In the fracture sections of SSP1 and SSP2, the stress state is characterised by
moderate triaxiality (T = 0.55) and axisymmetric stress state (ξ = 1). These stress
conditions are similar to those produced in the CNSs tests, indicating the Abaqus
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Figure C.2. Simulation of SSP2 monotonic test: (a) experimental-numerical force-
displacement curves; (b) experimental-numerical deformed shapes at 55 mm
displacement; and (c) numerical deformed shapes at successive stages up to failure
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model calibrated using the monotonic CNS tests is suitable to predict fracture in
SSPs under monotonic loading.
In conclusion, the experimentally-validated numerical simulations of the
monotonic tests predict a large fracture capacity of SSPs under monotonic
loading for the considered testing apparatus.
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Appendix D
Incremental Dynamic Analyses (IDA) Results
This Appendix reports the detailed results of Incremental Dynamic Analyses
(IDA) of the dual CBF-MRF under 24 ground motions (see Table 7.3), scaled to
the collapse intensity.
Over 250 analyses were performed on a second-generation Intel i7 CPU at 3.40
GHz and 16 GB of RAM running on a 64-bit Windows 7 platform. The runtime
for a single analysis varied depending on the duration, intensity and time step of
the ground motion, ranging from 4 hours to a maximum of 20 hours.
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Figure D.1. IDA - Ground motion no. 1
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Figure D.2. IDA - Ground motion no. 2
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Figure D.3. IDA - Ground motion no. 3
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Figure D.4. IDA - Ground motion no. 4
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Figure D.5. IDA - Ground motion no. 5
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Figure D.6. IDA - Ground motion no. 6
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Figure D.7. IDA - Ground motion no. 7
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Figure D.8. IDA - Ground motion no. 8
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Figure D.9. IDA - Ground motion no. 9
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Figure D.10. IDA - Ground motion no. 10
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Figure D.12. IDA - Ground motion no. 12
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Figure D.13. IDA - Ground motion no. 13
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Figure D.14. IDA - Ground motion no. 14
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Figure D.15. IDA - Ground motion no. 15
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Figure D.16. IDA - Ground motion no. 16
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Figure D.17. IDA - Ground motion no. 17
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Figure D.18. IDA - Ground motion no. 18
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Figure D.19. IDA - Ground motion no. 19
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Figure D.20. IDA - Ground motion no. 20
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Figure D.21. IDA - Ground motion no. 21
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Figure D.22. IDA - Ground motion no. 22
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Figure D.23. IDA - Ground motion no. 23
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Figure D.24. IDA - Ground motion no. 24
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